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We hope that our piece of theatre 
was better than robbers and cops, 
we hope you take something away with you and 
we hope it's not one of our props 
Children's show time-to-go poem 
John Hegley 
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Abstract 
A senes of tests on flexible model diaphragm walls embeded in an 
overconsolidated clay was carried out at the London Geotechnical Centrifuge 
Centre. The walls were propped at the crest and, following the simulation of 
excavation, were propped at formation level. Although a retained height of 10m 
was modelled in all tests, the depth of embedment below dredge level varied 
between Sm, 10m and 15m. A 'softer' propping sequence was also investigated 
with excavation to 5m below the retained surface prior to the installation of the 
crest level prop then, following further excavation to dredge level, the bottom 
prop was installed. The pre-excavation lateral earth pressure was also 
investigated. 
The background and use of twin-propped retaining walls is discussed together 
'with the design of the centrifuge model and modelling procedure. The results of 
the tests are presented and the effects of embedment depth, construction sequence 
and pre-excavation lateral earth pressure coefficient is discussed. 
A series of finite element analyses using the critical state soils program CRISP 
was undertaken in which it was attempted to model the centrifuge models. 
Generally, results were in reasonable agreement, although it was discovered that 
the calculated wall movements and prop loads were sensitive to the slope of the 
Hvorslev surface required for the Schofield soil model used in the analyses. 
The prop loads from the centrifuge tests and finite element analyses were 
compared with prop loads calculated using popular empirical methods and with 
prop loads observed on site. Generally, prop loads were underpredicted using the 
empirical methods which are unable to account for construction sequence effects 
and probably overestimate the degree of lateral stress reduction that takes place 
during excavation. 
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e void ratio 
eo void ratio on critical state line at p' = 1 kPa 
d embedment depth of wall 
E Young's modulus 
E' effective stress Young's modulus 
EI flexural rigidty 
F shear force 
g gravity 
G shear modulus 
h retained height of wall 
H slope of the Hvorslev line 
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k (\vith subscript to denote direction) permeability 
K bulk modulus 
K earth pressure coefficient 
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M slope of the critical state line in q:p' space (Cam-clay) 
M wall bending moment 
N gravity scaling factor (centrifuge modelling) 
N stability number (after Peck, 1967) 
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q deviatoric stress invariant 
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Chapter 1 
Introduction 
1.1 Objective 
The main objective of the research described in this dissertation was to investigate 
the performance of twin-propped retaining walls of various embedment depths 
using centrifuge modelling techniques and finite element analyses. Of particular 
interest are the loads in props positioned at the crest of the wall and dredge level 
during excavation in front of the wall and in the long-term, which are compared 
with the prop loads calculated using common empirical design methods. 
1.2 Twin-propped retaining walls 
The environmental impact of new sections of trunk road in urban areas is often 
minimized by construction within a retained cutting or a shallow tunnel. In road 
improvement schemes involving grade-separated interchanges, the construction of 
roads in cuttings to form underpasses is an essential engineering feature of the 
project. Recent examples of these construction types include the Limehouse Link 
Road in East London, and the interchanges on the A406 North Circular Road at 
Waltham stow, Edmonton (Silver Street) and Golders Green (east of Falloden 
Way). 
In urban areas on clay deposits such as London, the side walls of the road tunnel 
or cutting are often formed from in-situ reinforced concrete walls, using 
diaphragm walling or secant/contiguous piling techniques. The uncertainties 
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associated with in-situ walls retaining clay concerning conditions at collapse, 
lateral stresses in service and the effects of wall installation are well-known and , 
have been the subject of considerable research over the last decade or so 
(Hubbard, Potts, Miller & Burland, 1984; Tedd, Chard, Charles & Symons, 1984; 
Garrett & Barnes, 1984; Clarke & Wroth, 1984; Wood & Perrin, 1984; Potts & 
Fourie, 1984; Bolton & Powrie, 1987 and 1988; Fourie & Potts, 1989; Carder & 
Symons, 1989; Symons & Tedd, 1989; Powrie & Li, 1991a, 1991b; Symons & 
Carder, 1993; Watson & Carder, 1994 etc). Much of this research has centred on 
walls which are either unpropped or propped near the crest. These walls are 
statically determinate, with potential failure mechanisms involving the soil alone 
\vhich are readily identifiable, and limit-based design methods can be used 
(padfield & Mair, 1984; Bolton, Powrie & Symons, 1989 & 1990). However, the 
specification of props at two levels (usually near the crest and beneath the 
carriageway) is becoming increasingly common. This results in a system which is 
not statically determinate, has no readily identifiable collapse mechanism which 
does not involve the wall and/or the props, and is not obviously amenable to a 
simple analysis based on zones of soil at failure. 
The analysis and design of doubly-propped retaining walls is further complicated 
by the numerous possibilities for the sequence of propping (perhaps including the 
provision of temporary supports) during excavation of the soil from in front of the 
wall, and the effect that the chosen method may have on the ground movements, 
wall bending moments and prop loads. If the wall is well-supported during 
excavation, it may be that the unloading effect transferred to the retained ground is 
minimal. Bending moments and prop loads would then be expected to be higher, 
and ground movements smaller, than in the case of a wall which is allowed to 
move during excavation. The pore water pressures behind a well-supported wall 
might tend to fall as long-term equilibrium conditions are approached, whereas 
those behind a wall which was allowed to move sufficiently to unload the retained 
soil, generating pore water suctions during excavation, would tend to rise. Long 
term bending moments, prop loads and ground movements might also be 
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influenced by the changes in lateral stress which occurred during the installation 
of the wall itself. 
For a wall which in its finished condition is propped at both crest and formation 
level, one of the main purposes of the embedded portion is to maintain the 
stability of the wall and the base of the excavation during construction, until the 
lower prop is in place. The required depth of the embedded portion may therefore 
be governed by temporary works considerations. On the one hand, this makes it 
more difficult to design, because of the uncertainty concerning the rate at which 
the clay will soften as the negative excess pore water pressures induced during 
excavation in the soil remaining in front of the wall begin to dissipate. On the 
other hand. it may mean that the required depth of embedment can be calculated 
on the basis of a simple stress distribution, involving only one level of props. This 
does not however, help predict the bottom prop loads. 
The influence of embedment depth, pre-excavation earth pressure coefficient, 
propping sequence and groundwater regime on the ground movements, bending 
moments and prop loads associated with doubly-propped in-situ walls in clays has 
been investigated by means of centrifuge model tests and finite element analyses. 
Chapter 2 of this dissertation details the development of the centrifuge model. 
The prop installation apparatus and modelling procedure are appraised, together 
with the method used to model different pre-excavation lateral earth pressure 
coefficients in the centrifuge model. In Chapter 3 the results of walls of 5m, 10m 
or 15m embedment depth which were propped at the crest immediately or soon 
after the start of excavation, with a bottom prop installed at the end of excavation, 
are presented in detail. The results of modelling a different pre-excavation lateral 
earth pressure coefficient are also presented together with the effects of installing 
the top prop some time after excavation had started, but before excavation was 
complete. The influence of embedment depth on prop loads, bending moments 
and soil settlements is discussed in Chapter 4. The influence of pre-excavation 
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lateral earth pressure coefficients and propping sequence on key results are also 
discussed. 
In Chapter 5 the results of a series of CRISP finite element analyses, in which it 
was attempted to model the centrifuge tests, are presented. The suitability of the 
input parameters used is discussed with reference to a wall of 5m embedment 
depth propped at the crest, which failed soon after excavation. The results of the 
finite element analyses are discussed in Chapter 6 with particular reference to the 
effects of embedment depth, construction sequence and pre-excavation in-situ 
lateral stresses. The results are compared with the centrifuge test data presented in 
Chapter 3. A mechanism for the behaviour of the wall is presented which 
illustrates the likely behaviour of the wall in the short and long-term with 
reference to the results of the centrifuge tests and finite element analyses. In 
Chapter 7 a review of currently available empirical design methods for the 
calculation of prop loads is undertaken. It is shown that these methods 
underpredict the prop loads recorded in the centrifuge tests and finite element 
analyses. A review of observed prop loads is also presented. Chapter 8 presents 
conclusions and suggests areas of further possible research. 
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Chapter 2 
Centrifuge Modelling Procedure 
2.0 Introduction 
A series of centrifuge model tests was performed on the London Geotechnical 
Centrifuge. The aim of these tests was to establish an appropriate experimental 
technique, and then to investigate the effect of changes in wall embedment depth, 
construction sequence and soil stress history in a controlled manner. In this 
chapter, the general principles are summarized and the main features are discussed 
in detail. The performance of the apparatus is appraised, and the suitability of the 
data generated is assessed. 
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2.1 Centrifuge Modelling 
Successful centrifuge modelling depends on correctly scaling the essential 
behaviour of the prototype, (Schofield, 1980). The scale of the model is reduced 
by a factor of N and its self weight is increased by the same factor due to the effect 
of a radial acceleration of N gravities in the centrifuge. This will allow the 
vertical stresses in the prototype to be correctly modelled. In addition, the time 
scale for consolidation (and other diffusion processes) is reduced by a factor ofN2 
due to the drainage path lengths in the model being reduced by a factor of N. 
Provided the area of interest is remote from all model boundaries, there is no 
reason why a carefully constructed model should not accurately simulate the 
behaviour of the prototype. There are, however, several factors which can 
contribute to errors in the modelling process: 
1. The centrifugal acceleration field rro 2 varies with the radius and therefore 
cannot be uniform over the whole height of the model. For the diaphragm wall 
model the position of the centroid of the whole model package was calculated and 
this value was used to determine the required rotational speed of the centrifuge. 
This causes any parts of the model radially outside (ie "below") the position of the 
centroid to be over-stressed, and any parts inside (ie "above") the centroid to be 
under stressed. 
2. In contrast to some centrifuge machines, the model package is mounted so 
that the model width dimension on plan (200mm) is subjected to a variation in 
direction of the radial acceleration field due to curvature. The diaphragm wall 
package subtends an arc of 6.3 0 • The inclination of the radial acceleration field at 
the edges of the model will be 3.15 0 which represents an error in load "verticality" 
of only 0.15%. 
3. A further potential source of error in the centrifugal acceleration field 
arises from model movements within the plane of reference, ie the plane of the 
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model. Movements within this plane of reference will result in a Coriolis 
acceleration related to the angular velocity of the centrifuge. Model movements 
that will occur during the test will be due to pore water seepage and wall 
movements. Each of these movements is small; seepage velocities will be in the 
order 10-7 mls and wall movements will be no more than 10-3 mls. The maximum 
Corio lis accelerations arising from these velocities are inconsequential in 
comparison with the centrifugal acceleration. 
From the relationships for self-weight stress (l : 1) and for length (l :N), the scaling 
relationships for all related quantities for quasi-static tests can be derived. These 
are set out in Table 2.1. 
QUANTITY PROTOTYPE MODEL WALL 
WALL 
Length 1 lIN 
Self weight stress 1 1 at N gravities 
Stress x area 1 11N2 
Strain 1 1 
Curvature 1 N 
Young's Modulus E 1 1 
Following quantities are expressed per metre length per lIN metre length 
Second moment of area I 1 11N4 
Intensity of load 1 lIN 
Shear force 1 11N2 
Bending moment 1 11N
3 
Table 2.1: Scaling factors for centrifuge tests on model walls 
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2.2 The London Geotechnical Centrifuge Centre 
The London Geotechnical Centrifuge Centre is a collaborative venture between 
Queen Mary & Westfield College (University of London) and City University and 
is housed at City University. The centrifuge is a purpose built Acutronic 661 
machine with a swinging platform which carries the model strong-box. In flight 
the surface of the platfonn will be approximately horizontal, rotating about a 
vertical axis in a circle of radius 1.8m. The centrifuge is rated as a 40g-tonne 
machine, being capable of supporting a maximum payload of 400kg at 100g. 
Accelerations of between 100g and the maximum of 200g require the package 
weight to be reduced linearly to give a carrying capacity of200kg at the maximum 
working acceleration. A counterweight system is used to balance the model on 
the swinging arm. There are 120 electrical slip rings which can be used for data 
aquisition or control of electrical valves (DC or AC), together with four hydraulic 
slip rings which can supply water or compressed air. A high pressure rotary union 
(rated up to 100 bar) is also fitted which allows hydraulic applications involving 
large loads. The principal design considerations and the specification of the 
Acutronic 661machine are given by Schofield and Taylor (1988). 
2.3 Model Geometry 
The overall geometry of the centrifuge model, Figure 2.1, is based on a 10m 
height of retained soil. This was the same in all tests. The width of the model was 
20m at prototype scale. 
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Figure 2.1: Centrifuge model geometry, dimensions in em at model scale 
The 10m retained height was adopted as this allows adequate head room for trunk 
roads and motorways with aIm deep roof slab. The strong box end plate may be 
regarded as the plane of symmetry between two diaphragm walls on either side of 
a cut and cover tunnel. The position of the wall, 21.5cm from the strong box end 
plate, represents a distance of 21.5m at prototype scale. This is the distance 
between the central support wall and the secant pile side wall at Bell Common 
Tunnel (Hubbard et al 1984). It was considered that 21.5m, which is sufficient for 
a three lane motorway including a hard shoulder, would be a likely upper limit in 
practice. It would also minimize the interaction effects between the two side 
walls, which tend to reduce displacements. To model a narrower road (such as a 
typical dual carriageway trunk road underpass) would require the face of the 
model wall to be positioned as little as 90mm from the end plate. This would 
have made the installation of the apparatus used to simulate excavation and 
propping difficult, as well as leading to smaller displacements which would not 
neccessarily have been representative of a more general case. 
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2.4 Modelling Technique 
A plane strain strongbox, manufactured in the Queen Mary & Westfield College 
workshops from 38mm Dural plate, was filled with kaolin slurry and placed on a 
200 kN constant load consolidation machine (see section 2.6). The loading platen 
(550mm long x 200mm wide, corresponding to the plan dimensions of the 
strongbox) was lowered onto the top of the slurry. To the underside of the platen 
was attached Vyon porous plastic which, together with the grooves machined on 
the underside of the platen, allowed drainage to occur at the top of the sample. 
Similarly ~ machined drainage grooves and drainage holes at each end of the base 
plate allowed drainage at the base of the sample. A load cell located between the 
cy linder ram and the loading platen recorded the load on the platen. As the kaolin 
consolidated, the platen moved down under constant load. The movement of the 
platen was monitored using a dial gauge indicator, with the next increment of load 
being applied when downward movement of the platen, due to the previous load, 
had effectively ceased. A detailed description of the sample preparation is given 
in section 2.6. 
During the sample consolidation stage stiffened dural side plates were used to 
keep strongbox deflections to a minimum and to ensure that loading was one-
dimensional. 
In the press, the sample was gradually consolidated to a vertical effective stress of 
1250 kPa, before being unloaded in stages to a vertical effective stress of 80 kPa. 
Once the clay sample had reached equilibrium at a vertical effective stress of 
80kPa, the loading platen was withdrawn and the strongbox removed from the 
consolidation press. The next stage involved the installation of the model 
retaining wall and removal of the clay in front of the wall to form the excavation. 
Both sides of the strongbox were removed, and replaced by cutting templates 
which were bolted to the end plates. The templates were used to ensure the 
accurate removal of clay from in front of the wall, and accurate cutting of the 
10mm slot into which the wall was inserted. The depth of the slot could be altered 
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depending on the embedment depth being modelled. The wall slot was finished to 
size using a broaching tool which ensured that the width of the slot was uniform 
and dimensionally accurate, so that excessive friction did not develop on the sides 
of the model wall as it was inserted. This was because there was some concern 
that the generation of walVsoil friction on inserting the model wall could cause 
significant bending moments to be recorded by bending moment transducers 
located at various points down the wall while the model was at rest. During the 
model-making procedure, the exposed surfaces of the model were covered by 
plastic film to prevent desiccation of the clay sample. 
The propping system, which is discussed in detail in section 2.7.2, was then 
assembled. The propping system consisted of two knife edge supports, one 
positioned at the retained soil surface and the other 10m below at the excavated 
surface (at prototype scale). The knife edges were connected to stainless steel 
bars \vhich passed out of the strongbox end plate through linear bearings. Each 
bar then passed through a pneumatic locking device which was attached to the 
outside of the strongbox. Because the bar, with the knife edge attached at one 
end, was cantilevered out from the end plate, it was decided to support the prop at 
an intermediate position. This was achieved by means of linear bearings housed 
in a support located mid-way between the model wall and the strongbox end plate. 
Two rubber bags were installed, one either side of the prop. Just prior to the start 
of the test, the bags were filled with a zinc chloride solution mixed to the same 
unit weight as the surrounding clay. This imposed a similar stress distribution at 
the excavated soil surface as the clay prior to excavation. A detailed description 
of the assumed stress distribution down the wall is given in section 2.6. 
Hollow stainless steel displacers were positioned inside each rubber bag in order 
to limit the volume of zinc chloride solution required to the volume that was able 
to be stored in the catch tanks located at either end of the strong box. 
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The stiffened back plate and a front perspex viewing plate window were bolted 
into position, taking care to ensure that rubber sealing cord, located within a 
groove machined around the outer edge of the face plate, was positioned correctly 
between the mating faces of the box. This ensured that the box was watertight. 
Once all the sides of the box had been positioned, the top plate located over the 
excavation was bolted into place. 
The top plate kept the rubber bags in position by clamping the top of the each 
between the top plate and what was effectively a lid to the rubber bag. The 
stainless steel displacer was supported from the underside of this lid. This ensured 
that the displacer was not in contact anywhere with the rubber bags. The 
intermediate prop support was also fixed to the underside of the top plate, which 
had been substantially strengthened to support these additional loads. During the 
positioning of the top plate, the pneumatic prop locking units were supplied with 
compressed air to allow free movement of the props while the various parts of the 
apparatus were clamped into position. This ensured that when everything was 
tightened up, the various components were all within their dimensional tolerances, 
eliminating any possibility of either prop locking system becoming jammed. 
A second top plate located above the retained soil surface was then bolted into 
place and linear variable differential transformers (L VDT' s), used to measure soil 
settlements, were clamped into position. Prior to the test, the L VDT' s were 
adjusted so that the linear portion of the LVDT stroke would be fully utilized 
during the test. The positioning and performance of the L VDT' s are discussed in 
detail in section 2.7.5. Figure 2.2 shows the stiffened back plate with protruding 
pore pressure transducer leads 
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Figure 2.2: View of model back plate 
Pore water pressure transducers (PPT's) were positioned within the clay model on 
either side of the wall and were used to measure the pore water pressure response 
of the clay during the key stages of the test. The positioning and performance of 
the PPT~s are discussed in section 2.7.4. 
The catch tanks used to collect fluid drained from the rubber bags, and the 
solenoid valves used to control the model drainage at yarious stages during the 
test, were all attached to the package at this stage. Figure 2.3 shows the 
assembled model package prior to a test. The L VDT's are obscured from view by 
transducer leads. The catch tanks, solenoid valves and prop locking units are all 
visible. 
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Figure 2.3: General view of assembled centrifuge model 
With all the transducers plugged into the junction boxes, the rubber bags were 
filled with zinc chloride solution mixed to the appropriate unit weight. A pore 
pressure transducer with its stone removed was placed at the bottom of one of the 
rubber bags to monitor the pressure exerted by the zinc chloride solution. The 
excavated side of the model was flooded to the level of the retained surface. 
Water was supplied continuously throughout the test to the retained surface, by 
means of a loop of perforated pipe, Figure 2.4. A constant level of water was 
achieved on both sides of the wall by means of drainage holes passing directly 
through each end plate. As a fall-back measure, the centrifuge drip feed was 
placed in a standpipe that had an internal overflow set to the equivalent of 
approximately 10m above the retained soil surface. This overflow was positioned 
to take account of the effects of the curvature of the free water surface during the 
test. 
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Figure 2.4: Schematic plumbing arrapgement for all model diaphragm wall 
tests 
Referring to Figure 2.4, valves 1 and 2 were normally closed and were wired up in 
parallel and therefore activated simultaneously. Valves 3 and 4 were also 
normally closed, connected in parallel, and activated simultaneously. During the 
initial stage of the test, in which the clay sample comes into equilibrium under its 
enhanced self weight (re-consolidation phase) valves 1 and 2 were open, allowing 
water to be supplied to the base drain and the excavated side. The base drain 
therefore remained connected to the same potential as the retained soil surface and 
allowed hydrostatic equilibrium to be achieved comparatively rapidly, due to two 
way drainage. The standpipe and overflow arrangement ensured that water was 
supplied to the correct level on both sides of the wall. The perforated pipe on the 
retained side was independent of solenoid valve control as water was supplied to 
this surface at every stage of the test. 
On completion of the re-consolidation phase, valves 1 and 2 were closed. The 
compressed air supply de-activating the top locking device was turned off, thereby 
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locking the top prop and representing the installation of a roof slab. Valves 3 and 
4 were activated immediately. With valve 3 open the water within the excavation 
could drain away into the centrifuge chamber at the same time as the zinc chloride 
solution drained away through valve 4, to be collected in the three catch tanks 
located around the base of the model. The rate of zinc chloride drainage was 
regulated by a calibrated control valve located in line between the bag outlet and 
the solenoid valve. On completion of the excavation, the bottom prop was locked 
in place, representing the installation of the carriageway level prop and 
completing the construction sequence. The final phase of the test modelled the 
long term behaviour of the wall as the pore pressures moved towards their new 
equilibrium values. 
Valves 3 and 4 were kept open for the remainder of the test, with valve 3 allowing 
any water seeping into the excavation to be drained away. During the long term 
phase of the test, the base drain becomes an equipotential in a flow pattern 
involving essentially vertically downward seepage from the retained surface down 
to the base drain behind the wall and upward seepage in front of the wall into the 
excavation. Figure 2.5 shows the seepage flownet for these long term drainage 
conditions. 
The zinc chloride/rubber bag technique used to simulate excavation has been used 
extensively, (eg Phillips, 1982; Powrie, 1986) and the stress boundary conditions 
are correct both before and after the excavation. This method therefore represents 
a convenient approximation to the prototype excavation process. 
The time taken to simulate the excavation in the centrifuge model was typically 3 
- 6 minutes, corresponding to a prototype time of approximately 3 - 6 weeks. A 
metering valve was used in an attempt to keep the excavation times as constant as 
possible for all tests. This was not entirely successful, with a pipe fracture on test 
5 being responsible for an almost instantaneous draining of the bag. In this case, 
the time taken for drainage was 14 seconds corresponding to 1.6 days at prototype 
scale. 
31 
Figure 2.5: Approximate flownet for long-term drainage conditions 
2.5. Re-consolidation 
During the first stage of the centrifuge test, the clay sample is allowed to come 
into equilibrium (re-consolidate) under its enhanced self weight. Re-consolidation 
is deemed to be complete when the retained surface settlements cease and when 
the pore pressures have achieved hydrostatic equilibrium. Figure 2.6 shows the 
settlement recorded by L VDT 1 against -Vtime for test S5. It can be seen that the 
time taken for surface settlements to cease was approximately 2 hours. This was 
the shortest time to achieve equilibrium for any of the tests discussed in this 
dissertation. It was noticeable that in any test that had to be stopped and re-started 
during the re-consolidation phase, the length of time taken to achieve re-
consolidation was increased significantly. For a stopped/re-started test, 
consolidation times were generally doubled to approximately 4 hours (S 1 0-4.5 
hours, K 10-3 .5 hours). 
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consolidation times were generally doubled to approximately 4 hours (S 1 0-4.5 
hours, KI0-3.5 hours). 
SURFACE SETTLEMENT DURING RECONSOUDATION TESTS5 
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Figure 2.6: Settlement during reconsolidation 
It "vas not possible to measure horizontal movement of the wall at any stage of the 
test, as there were no data logging channels available once the model had been 
instrumented for wall bending moments, prop loads, pore pressures and surface 
settlements. PO\VTie (1986) reported maximum lateral displacements during 
reconsolidation of 50mm at prototype scale (test DWC 17). These values were 
produced using a film measurement technique developed at Cambridge 
University, which gave values for vertical soil movement compatible with those 
measured using L VDT's. 
During the reconsolidation phase of the test, bending moments were recorded. 
These were not considered to be significant, as they probably resulted from 
normal small installation imperfections, such as the wall being installed 
fractionally out of plumb. Whilst every care was taken to ensure perfect wall 
alignment any small discrepancy would, at 100g, be recorded by the wall bending 
moment transducers. If the wall moved into the excavation during the 
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reconsolidation phase, bending moments would be expected to be generated. 
From Figure 2.7 it can be seen that bending moments up to 400 kNmlm were 
recorded just prior to excavation in test S5. Whilst in reality bending moments 
would not be expected to be generated prior to excavation, these values are not 
particularly high compared with the final values (for example, 269 kNmlm 
compared with 1500 kNmlm at a depth of 6m below the retained surface). Since 
bending moments would not in reality be expected to be generated prior to 
excavation. the emphasis is placed on the increase in bending moments during and 
after excavation. All bending moments and prop forces reported in this 
dissertation are the changes in transducer values recorded during and after 
excavation. 
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Figure 2.7: Pre-excavation bending moments, Test S5 
Apparent prop loads were recorded during consolidation, even though the locking 
arrangement, previously described, was in the open position during this phase of 
the test. The recorded values were due to bending caused by the enhanced self 
weight of the prop. The transducer reading at this stage could be considered to be 
an offset value, and was assumed to correspond to zero load at the start of 
excavation. Any increase in the transducer reading would be due to change in 
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axial force, as the bending component due to enhanced self weight is constant 
throughout the test. The recorded prop load in the bottom prop during excavation 
shows that the apparent pre-load was unlikely to have been due to friction in the 
prop locking system. Figure 2.8 shows the response of the top and bottom props 
in test C 1 0, corrected to zero bottom prop load at the start of excavation. 
590 
490 
.€ 
390 
z 
... 
Q 
< 290 0 
....I 
Q. 
0 
cr Q. 190 
90 
-10 
TESTC10 DEVELOPMENT OF PROP LOAD 
BOTTOM PROP 
0123456789101112131415161718192021222324252627282930 
TIME (DAYS) PROTOTYPE SCALE 
Figure 2.8: Development of prop load (TestCIO) 
There is a sharp increase in bottom prop load over the first 2-3 days once it has 
been locked in place followed by a more gradual increase in load, this was a 
feature common to all centrifuge tests (discussed in detail in section 2.9). During 
excavation and prior to locking, the bottom prop recorded no increase in load 
demonstrating little or no friction present when the the prop should be free to 
move. 
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2.6 Stress History and Sample Preparation 
The clay used in all tests was speswhite kaolin, which was selected because it has 
a relatively high permeability, typically 0.8x10-9 mis, and its basic properties are 
well researched (AI-Tabbaa 1987). Moreover, speswhite kaolin has been widely 
used in previous centrifuge model tests on clay soils (Powrie, 1986; Sun, 1990). 
Each sample was prepared by mixing kaolin powder with de-aired water under a 
vacuum to a slurry with a moisture content of 100%, which is well in excess of the 
liquid limit (60%). The slurry was then poured into the extended strong-box and 
compressed one dimensionally to a vertical effective stress of 1250kPa over a 
period of approximately 12 days, path A-B, Figure 2.9. After approximately 3 
days at 1250 kPa, the sample was allowed to swell back to a vertical effective 
stress of 80 kPa over a period of approximately 10 days, path B-C, Figure 2.9. On 
stripping out the sample from the consolidation press, the average effective stress 
p' \\"as approximately 120kPa (Mayne & Kulhawy, 1982; Eqn 2.1). 
0" h = 0" V<l-sin~')OCRsin~' 2.1 
This stress history was adopted so that during reconsolidation in the centrifuge, 
the soil would generally move downward relative to the wall, preventing the 
possible premature mobilization of passive side soil/wall friction on excavation in 
front of the wall, which might occur if the most recent previous relative movement 
had been in the same sense. 
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Figure 2.9: Stress path of clay model during consolidation 
In terms of changes in stress, the time the model spends in the centrifuge can be 
divided into two stages. The first stage is known as the reconsolidation phase 
(even though it might involve swelling), and has been described previously. The 
second stage is when the changes in stress due to the events which constitute the 
test take place, ie excavation in this case. 
Prior to the changes in stress which occur due to events in the centrifuge, changes 
in stress are imposed on the clay adjacent to the wall, due to the installation of the 
model retaining wall and the removal of soil from in front of the wall, to allow the 
placement of the rubber bags. From an initial in-situ Ko profile, Figure 2.10 
(calculated according to the empirical relationship between OCR and Ko, Eqn 
2.1), at the end of one-dimensional consolidation within the consolidation press, 
the pre-excavation lateral earth pressure coefficient may return towards unity 
adjacent to the wall. 
However, it might be argued that any change in stress due to the installation of the 
wall and removal of the clay in front of the wall will be within the elastic range of 
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the clay. In any case, the density of the zinc chloride solution will govern the 
inlposed lateral stresses above excavation level. 
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Figure 2.10: Initial in-situ lateral earth pressure coefficient 
This question of what occurs to the in-situ lateral earth pressure coefficient during 
the installation of diaphragm retaining walls has been the subject of much recent 
research (eg Ng, 1992; Kantartzi, 1994) and continues to be the subject of further 
research. Ng (1992) reported the results of a field monitoring programme of a 
10m deep multi-propped diaphragm wall in a uniform deposit of Gault clay. 
From self-boring pressuremeter tests prior to construction, Ko values were found 
to range from 1.5 to 3.5 in the top 7m of the Gault clay. Total stress earth 
pressure cells were used to monitor the lateral stresses during all phases of the 
diaphragm wall installation. It was found that interface total stresses at the 
diaphragm wall panel were reduced to the bentonite pressure, approximately 
O.6cry , during the bentonite suspension phase and then increased to the wet 
concrete pressure, approximately 1.2cry , on placement of the concrete. It was also 
suggested that a critical height of wall existed, between 5m to 10m, below which 
the rate of increase with depth of the wet concrete stresses reduced to a value 
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similar to the unit weight of the bentonite slurry. A full description can be found 
in Lings et al. (1994), who develop a bi-linear model based on these observations. 
In acknowledgement of the uncertainty concerning the lateral stresses following 
installation of a diaphragm wall, it was decided to model two stress regimes. The 
standard stress regime. used in all tests with identifiers pre-fixed with an S, was 
produced by filling the rubber bags up to the level of the retained swface with a 
zinc chloride (ZnCI2 ) solution mixed to the same unit weight as the clay model, y 
= Ysoi!' This imposed a pre-excavation lateral earth pressure coefficient of unity, 
Figure 2.11, on the wall above formation level, although the initial stress 
distribution below this depth is uncertain. 
Model wall 
z ~h= yZ : IClay modeq cr v = YZ 
IClay modell 
~,j 
Figure 2.11: Standard stress distribution dowp the wall 
The second stress regime, used in all tests prefixed with a K, modelled an earth 
pressure coefficient greater than unity above the bag/dredge level interface. This 
was achieved by extending the bags to 115mm above the top of the retained soil 
surface, Figure 2.12. The bags, when filled with a fluid of density Yf to some level 
above the retained soil surface, will impose increased horizontal stresses on the 
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wall. The density of the fluid must be chosen so that the vertical total stress is 
equivalent to 11m of soil at the bag/dredge interface, ie K=l at this level. 
Incorporated into the top plate, to which the bags were fixed, was a rubber bag 
support plate which prevented the bag from making contact with the wall above 
the level of the retained surface. (The wall projected above the retained surface to 
ensure that water flooding the retained surface could not find its way into the 
excavation by overtopping) 
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Figure 2.12: High stress distribution down wall 
F or the centrifuge model, an expression for Kj as a function of h and the fluid 
density, Yf, may be derived: 
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a'.=ycZ-U; a'h=Yf(h+Z)-U where U=y. .. z 
Ki = _a_'h = _Yf..;:...(h_+_Z~)_Y .. _z 
a'. ycZ -y .. z 
h 
H 
Which, after substituting Eqn 2.2, may be rearranged to give: 
R( H ) (h + 1) -1 
K.- H+h z }- R-1 
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2.2 
2.3 
where R = 'Yc 
'Yf 2.4 
The fluid used in the high Kj centrifuge tests was water (mass density 1000 
kg/m3). The level of the water was extended 84.5mm above the retained surface 
so that the total vertical stress at the base of the rubber bag at 100g was 191 kPa 
(the same vertical stress imposed at the base of the rubber bag by the zinc chloride 
solution when at the level of the retained soil surface). From equation 2.3, the 
resulting high K j distribution in front of the wall is shown in Figure 2.13. 
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Figure 2.13: K j profile in front of wall 
2.7 Description of Main Apparatus 
2.7.1 Model Wall 
9 10 11 
Three model walls were manufactured from 114" (6.34mm) Dural plate 
representing depths of embedment below excavation level at prototype scale of 5, 
10 and 15 metres. Each wall represented a retained height of 10m above the 
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centreline of the bottom prop. The walls were built up to an overall thickness of 
10mm by applying a layer of epoxy resin (Araldite 2003) to both sides of the wall 
which was then machined to size. The resin was used to protect the strain gauges 
located down the length of the wall. The prototype scale bending stiffness EI of 
each wall, taking into consideration the the effect of the epoxy resin, was 2.0xl06 
kNm2/m (based on E=72xl06 kN/m2 for Dural and 2.0xl06 kN/m2 for epoxy 
resin), which is comparatively flexible for an in situ concrete retaining wall. 
Table 2.2 gives typical flexural rigidity values for retaining walls monitored in 
recent years by TRL (Carder, 1993). 
BORED PILE FLEXURAL STIFFNESS (EIIm)* 
Bell Common (1) 2.8xl0t> kNm.£/m 
Walthamstow (2) 4.5xl06 kNm2/m 
New Malden (3) 2.2xl06 kNm2/m 
DIAPHRAGM 
A406/AI0 Junction (4) 3.8xlO' kNm.£/m 
Walthamstow (5) 8.7xl07 kNm2/m 
Reading (6) 4.2xl06 kNm2/m 
Model wall (Dural) 2.0xl06 kNm2/m 
*E taken as 26xl06 kN/m2 assuming no cracking. For long term values, allowing for concrete 
cracking, multiply all EI values by 0.65 (Econcrete = 17x 1 06 kN/m2) 
(1) 1. 18m dia. secant piles with universal beam 
(2) 1.5m dia. contiguous piles at 1.7m centres 
(3) 1.2m dia. contiguous piles at 1.2m centres 
(4) 4m wide, 3.5m deep, T-panels 
(5) 4m wide, 4m deep, T-panels 
(6) 1.2m thick panels 
Table 2.2: Summary of wall stiffnesses 
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Wall seals cast from silicone rubber were used on each side of the wall. These are 
similar in detail to those used by Powrie (1986). Silicone grease was used to 
complete the water seal and also to reduce friction at the waillbox interface. 
Powrie (1986) also conducted tests to determine the contribution of the seals to 
the resistance of the wall to sliding. He reported that a 3/8" thick Dural plate 
240mm deep exhibited a frictional resistance to translation of up to 22.6N, which 
is small in comparison with a fully active force (including pore water pressure) on 
the retained side above dredge level of approximately 725N. In the tests reported 
in this dissertation, the width of the wall is 200mm rather than 150mm, but the 
model scale is 1: 100 rather than 1: 125, so that the fully active force will be 
approximately 775N. 
The walls were fitted with six fully active bending moment transducers, Figure 
2.14, each consisting of four strain gauges (two on each side of the wall). 
Each gauge was coated with a rubber solution to protect it from water, and each 
bridge was powered by a constant 5v DC supply. The signals were amplified by a 
junction box located at the top of the strongbox, before passing through the slip 
rings to a control panel and the data logger. Care was taken to ensure that no 
gauge was positioned near to either prop position, as trial calibrations had 
indicated that gauge readings would be distorted in these areas. 
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Figure 2.14: Bending moment bridge wiring arrangement 
2.7.2 Props 
Each prop consisted of a knife edge running the length of the wall, supported by a 
stainless steel bar. The knife edge was 190mm long (shown in section in Figure 
2.15). The bar passes through an intermediate support and projected out through 
the strongbox end plate into a Bosch hydraulic locking system. Two props were 
present: the top prop at the level of the retained soil surface, which could be used 
as either a temporary or permanent support. The prop at formation level, 100mm 
below the top prop at model scale, would generally in practice form part of the 
permanent works. 
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Stainless steel knife edge props were selected for these tests in contrast to point 
load props which had been used previously in centrifuge modelling of propped 
retaining walls (Powrie, 1986; Stewart, 1989). It was considered appropriate that 
continuous support be provided over the entire width of the wall, modelling the 
walings which would probably be used in practice. 
In addition to providing continuous support, a permanent formation level prop 
such as a reinforced concrete carriageway slab would also restrain the excavated 
surface from swelling. The propping arrangement, Figure 2.15, shows the 
excavated surface to be free of any obstructions that may prevent swelling with 
the exception of the intermediate support, which was only 35mm square and 
protruded approximately 5mm into the excavated surface at a distance of 90mm 
from the wall. The rubber bags (not shown in Figure 2.15 and discussed in 
section 2.7.3) when drained to simulate excavation, would not provide any 
restraint to swelling, although a fluid of the same density as concrete could have 
been introduced into the rubber bags some time after the end of excavation to 
simulate the surcharge effect, but not the full restraint of a carriageway slab. 
Ho\vever, this was not done in any of the centrifuge tests. 
Figure 2.16 shows the props and the intermediate prop support in position. The 
bellows system, used to seal the inside of the excavation to prevent water leakage 
during the flooded stage of the test, can be seen attached to the prop and the inside 
face of the end plate. The locking units attached to the outside of the end plate 
can be seen more clearly in Figure 2.17. 
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Figure 2.15: Prop/prop locking system arrangement 
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Figure 2.16: View of prop arrangement 
Figure 2.17: View of prop locking units 
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The props were machined to give a 30° knife edge. The primary consideration in 
the design of the knife edge was the mass, which, after extensive machining was 
reduced to approximately 220 grams. The load through the knife edge was 
transferred to a 16mm diameter burnished stainless steel bar which passed through 
an intermediate support and then out through the end plate and a hydraulic locking 
device. The locking device was a normally closed spring operated cylinder unit, 
which \vhen activated with compressed air allowed free horizontal movement of 
the prop. This system was adopted to allow unrestricted lateral movement of the 
wall during the re-consolidation phase at the beginning of the test (and during 
excavation for the low level prop). Figure 2.18 shows the bellows arrangement 
used to seal the inside of the box at the point where the props passed out of the 
box. This was required to prevent leakage of water from the flooded excavation 
during the re-consolidation phase of the test and allowed the prop to move if 
required during the re-consolidation phase of the test. In addition, the springiness 
of the bellows held the props in position against the wall prior to increase in 
centrifugal acceleration. Once the model was subjected to 100g, the prop would 
have continued to be held in position against the wall by the stress acting on the 
knife edge imposed by the full rubber bags. 
Rubber bellows 
Cable tie ~ 
~~, 
Fixing collar 
T 
I 
Prop 
f4------=E::..:....:.nd pi at e 
Figure 2.18: Bellows detail 
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Once the re-consolidation phase of the test was complete, the locking unit for the 
roof level prop was activated (by removal of the compressed air supply) and any 
further outward movement of the top of the wall was resisted by the prop. 
Strain gauges 
~~----------~--~------~ 
~16 
70 ~;.2° .. 1 
Figure 2.19: Front load cell arrangement (dimensions in mm) 
The magnitude of the prop force was recorded by means of a load cell consisting 
of a fully active strain gauge bridge located at the front of the bar just behind the 
knife edge, Figure 2.19. The strain gauges were located on a section of the bar 
that had been reduced to 8mm in diameter with a 7mm diameter bore. In-line 
load cells were also used to measure prop forces. The in-line cells were of similar 
dimensions to the load cells located at the knife edge support and were positioned 
outside the strongbox within a spacer between the prop locking device and the end 
plate (see Figure 2.15. However, the external load cells are not shown in Figure 
2.17, as these were a later modification). This arrangement ensured that the cells 
were positioned within the shortest span between two support positions, and 
therefore subjected to only limited bending stresses at 100g. Although in theory 
they should not have been affected by bending, the apparent prop loads recorded 
during re-consolidation suggest that they were, to some extent. 
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2.7.3 Rubber Bags 
Two PVC bags were positioned within the excavation, fitted around the prop and 
prop support system. Two bags were used due to the presence of the props and 
intennediate support inside the excavation and, when filled with a zinc chloride 
solution mixed to the same density as the clay model, simulated the clay in front 
of the wall. PVC was selected for the bags as this allowed the cut-outs for the 
props and intennediate support to be cast into the bag with a high degree of 
dimensional accuracy, Figure 2.20. Also, a wall thickness of only 1mm was 
required, and PVC is not affected by the highly corrosive concentrated Zlnc 
chloride solution used. 
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Figure 2.20: Rubber bag details NTS (dimensions in mm) 
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Stainless steel displacers were located within the rubber bags. These were used to 
limit the volume of zinc chloride solution required to fill the bags to a volume that 
could be accommodated in the catch tanks located outside the model. Figure 2.21 
shows the rubber bags cut away to reveal the stainless steel displacer. The pore 
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pressure transducer used to measure the pressure at the bottom of the bag is also 
\'isibl~ . 
. . . . 
· . . . . 
· . . . . 
· . . . . 
· . . . . 
Figure 2.21: Rubber bag and displacer arrangement 
The bags were connected to brass drainage elbo\vs which linked the bottom of 
each bag to the outside of the end plate, Figure 2.22. This detail was necessary to 
ensure that the connection between the bag and the drainage elbow was 
completely free of any rucks which could have caused the bag to leak when under 
load. The body of the elbow provided a flat surface onto which to tighten the bag 
down. and the hollow connecting screw, which passed through the bag and into 
the elbow, was detailed so that on tightening up~ the bag would not twist due to 
the screwing action. 
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Locking cap 
Bag 9JfJ 
~ ) End plate 
Drainage block ~-------4 
Figure 2.22: Rubber bag/strongbox connection detail 
2.7.4 Pore Water Pressure Transducers 
To measure pore pressures in the clay during the test, Druck PDCR81-300kPa 
miniature pore pressure transducers were installed at various locations within the 
model, as shown in Figure 2.23. All subsequent figures which feature measured 
pore water pressure data has the location of the ppt identified using the grid 
system in Figure 2.23. 
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Figure 2.23: Location of pore pressure transducers (dimensions in mm) 
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The pore pressure transducers were powered by a constant 5v DC supply. The 
signals were amplified by 100 times in a junction box located on top of the model 
package before passing through the slip rings to a control panel and then to the 
data logger. Holes for the transducers were augured horizontally into the clay to a 
depth of half the width of the sample, through holes in the backplate (ie the 
transducer was positioned on the plan centre line of the model). 
An important requirement In the use of pore water pressure transducers is 
accurate installation prior to the start of the test. This was achieved by fixing a 
modified pipe fitting to the backplate which acted as a sleeve for the auger and 
reduced the potential for mis-alignment of the augered hole. After the transducer 
had been installed, the hole was back-filled with a kaolin slurry. The holes in the 
backplate were sealed using standard pipe fittings together with special rubber 
grommets. Each transducer had a de-aired porous stone fitted to the front in order 
to protect the fragile silicone diaphragm from stresses due to the soil skeleton. 
The stone was de-aired to ensure an instant response to changes in pore pressures 
during testing. The resolution of the Druck pore pressure transducers IS 
approximately +0.005 kN/m2. The transducer diameter is 6mm which at 
prototype scale corresponds to 600mm. Each transducer will measure the average 
pressure over this diameter. The positioning of the transducer within the model is 
of over-riding importance. With the sleeve and auger arrangement, discussed 
earlier, it was possible to position the pore pressure transducers to within + 1 mm 
of their required depth which represents a maximum error of + 1 kPa at model 
scale. 
After tests 1 and 2, prior to the model being stripped down, two broken pore 
pressure transducers were installed at two unused pore pressure tranducer 
positions in the manner described above. The clay was then carefully removed to 
expose the transducer and the vertical position of the transducer was established 
using a vernier height gauge. In each case the transducer was below its required 
position, releative to the surface with the maximum deviation being 3mm. 
However, when the effects of re-consolidation were taken into account, as 
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measured by L VDT' s located on the retained surface, the transducers were found 
to be in their true positions. 
The pore water pressure transducers were calibrated in batches of 5 using a de-
airing/loading chamber. The first part of the process involved the transducers, 
which had their porous stones in place, being de-aired. The transducers were then 
calibrated by applying a pressure which was measured by a Druck digital pressure 
indicator. 
A miniature pore pressure transducer with its stone removed was used to measure 
the level of the fluid in the rubber bags. This was calibrated as described, but de-
alnng was unnecessary. 
During the series of tests reported, some of the pore pressure transducers were 
slow to respond to changes in pore water pressures when compared with the 
response of adjacent transducers. This was attributed to the clogging of the 
ceramic stone, which was the one supplied by the manufacturer, and was not 
replaced after each test. Konig et al (1994) report the findings of a collaborative 
study on the behaviour of the Druck PDCR 81. It was stated that it was common 
practice to remove the stone from the transducer after each test to be boiled. This 
process was used principally to de-air the stones, but it would also remove any 
clay particles clogging the stone. It was also stated that previous experience had 
shown that a better response to changes in pore water pressures was possible using 
a more suitable ceramic material for the stone. 
2.7.5 Displacement Transducers 
Linear variable differential transformers (LVDT's) manufactured by Schlumberger 
were used to monitor vertical settlements behind the wall, as shown in Figure 
2.24. 
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Figure 2.24: Location of displacement transducers (dimensions in mm) 
The LVDT's were powered by a constant lOV DC supply. Signals were passed 
from the junction box, where the gain had been set to 1, through the slip rings to a 
control panel and then to a data logger. Due to the level of instrumentation used 
in the model there was insufficient slipring capacity to monitor horizontal 
movement of the wall. Wall movement data were obtained from in-flight video 
images of the model, through the perspex window. 
2.7.6 In-Flight Video Image Processing 
Black marker dots (3mm diameter) were inserted into the front face of the clay 
model in a grid pattern with a 20mm spacing. A video camera located within the 
centrifuge fairing, and pointing directly at the perspex viewing window, allowed a 
video image to be recorded at key points during the test. The image was 
processed, using the commercially available Microscale video image processing 
program, enabling the movement of the black marker dots to be determined. 
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The original intention of using a video image capturing programme to process the 
position of the black marker dots was for the programme to scan the captured 
image and locate all the black marker dots. The pixel co-ordinates that the 
programme works with could then be converted to a co-ordinate system in model 
scale units using scale factors that could be input into the programme. The scale 
factors used could in principle be adjusted to allow for the distortion (fish eye 
effect) caused by the video camera lens. In reality, the scanning of the black 
marker dots proved to be only partly successful, as other parts of the image with 
the same definition as the black marker dots were recognized by the programme. 
To overcome this, the centroid of each black marker dot was positioned by eye 
using cross hairs operated by a mouse. Each marker dot was targeted by the cross 
hairs and each marker dot was then scanned by the programme to produce a set of 
co-ordinates for that marker dot at each stage of the test. 
The accuracy of this technique is limited primarily by the ability of the operator to 
locate consistently the centroids of the images of the black markers. Little effort 
was expended on determining the overall accuracy of this method of positioning 
the black marker dots, as it became apparent that this method would not be 
consistently accurate enough to produce marker dot measurement data reliable 
enough to be used to calculate soil strains. The measurement data are, however, 
sufficiently accurate to identify overall patterns of soil movement. 
2.8 Instrumentation Calibration and Discussion of Errors 
A six channel junction box, identical in design to those at the LGCC, was used for 
the calibration of all transducers. All transducers were calibrated prior to each test. 
The junction box was supplied with 15V DC and incorporates voltage regulators 
which ensure a constant supply of 5V or 10V DC during the test and during 
calibration. Various signal filters are built into the junction box together with the 
facility to set the gain for each channel to 1, 10 or 100. This amplifies the output 
signal before it passes through the slip rings. In addition, once the signal reaches 
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the control panel in the control room, the signal can be further amplified by 2, 4 or 
8 times before it passes to the data logger. Each junction box has 16 channels, and 
two junction boxes are used in each test. 
The bending moment transducers were calibrated in bending, prior to each test, by 
applying a line load across the wall, with the wall on knife edge supports. The 
load hanger was positioned at six locations along the wall in turn, with the load 
ranging from ON - 688.86N at each position Calibration coefficients differed 
between each transducer due to minor differences in alignment of the gauges. The 
calibration coefficients for individual gauges differed generally by less than 1 % 
during successive calibrations prior to each test. The largest discrepancy between 
calibration coefficients was 3.5% for gauges 1 and 2 on the 15m embedment wall. 
Care was used to ensure that each calibration occurred at the same ambient 
temperature. 
After the end of the testing programme, the 10m wall was placed in a water bath 
and the temperature varied to establish the effects of temperature on the 
performance of the wall. There was little change in the offset value for each 
bending moment transducer with change in temperature. This was due to the 
gauge arrangement, with one set of gauges cancelling the response of the opposite 
set of gauges during a change in temperature. 
The assumption of a linear calibration constant for a + 15mm stroke L VDT gives 
an accuracy of +90J.lm. Care was used to ensure that at rest the LVDT was 
positioned on the retained surface of the soil at the mid point of its travel to ensure 
that the linear portion of the transducer was fully utilized. At no time did any 
transducer move outside its linear range. 
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2.9 Bottom Prop Load Responses 
A feature common to all centrifuge tests was the sharp increase in bottom prop 
load recorded immediately it was locked into place following the end of 
excavation. An examination of the prop locking mechanism showed that no pre-
loading of the prop occurred during locking, which might otherwise have been 
thought to account for the initial rapid increase in load recorded. 
As already discussed. the pore water pressure transducers tended to suffer from 
slow response times. This probable slow response of the pore water pressure 
transducers makes the data difficult to interpret. However, it is considered that the 
development of the bottom prop load was consistent with the rates of change in 
pore water pressure, particularly on the excavated side, following excavation 
(Figure 2.25). In addition, since the props remain in constant contact with the 
\vall throughout the test and close control can be exercised over their installation, 
the propping system suffers from no lack of fit, which might delay the 
development of prop loads in a field construction. This said, field data obtained 
recently by TRL (Carder, 1995) suggests that the uptake in bottom prop load in 
reality, allowing for differences in the consolidation coefficient of the soil and a 
non-flooded excavated surface, is similarly rapid. 
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Figure 2.24: Development of prop loads and pore water pressures 
The sharp rise in bottom prop loads recorded is probably due to a combination of 
the high consolidation coefficient of the kaolin and the drainage boundary 
conditions used in the centrifuge tests. This in tum would lead to a rapid 
softening of the kaolin in front of the wall, causing the prop to take load. It may 
be noted from Chapter 3 that a significant component of consolidation occurs 
during the excavation phase of each test. This tends to support the view that 
swelling - which is usually expected to occur more rapidly than consolidation -
would certainly be occurring at the excavated surface. 
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Chapter 3 
Centrifuge Test Results 
3.0 Introduction 
The results of a series of tests carried out on walls modelling embedment depths 
of 5m. 10m and 15m at field scale are reported. In each case, the walls were 
propped at both the crest and formation level, and an initially full height ground 
water level was modelled. Generally, the top prop was installed prior to the start 
of excavation, and the bottom prop was installed immediately after excavation to 
formation level. In one test, a different construction sequence was used, in which 
excavation was carried out to a depth of 5m below original ground level before the 
prop at the crest of the wall was installed. In two further tests, the effects of a 
lower groundwater level on the long-term bending moments and prop loads were 
investigated. 
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3.1 Test Programme 
The tests reported in this dissertation are detailed in Table 3.1. 
Test Code Date Description 
LI0 11.2.93 10m embedment, standard construction, lowering ground 
water 
S5 8.4.93 5m embedment, standard construction 
S10 22.4.93 10m embedment, standard construction 
L15 26.5.93 15m embedment, standard construction, lowering ground 
water 
CI0 10.6.93 10m embedment, non-standard construction sequence 
KID 17.6.93 10m embedment, standard construction, high K j 
KI5 7.7.93 15m embedment,standard construction, high K j 
CK5 22.7.93 5m embedment, non-standard construction sequence,high 
K· 1 
Table 3.1: Details of centrifuge tests reported in this dissertation 
The nomenclature adopted throughout this dissertation is as follows: 
S denotes the standard top down construction sequence, with Ki= 1. The top prop 
was locked as excavation started. On excavation to dredge level the bottom prop 
was locked. 
C denotes the alternative construction sequence, with Ki= 1. Excavation occurred 
to 5m below the retained surface when the top prop was locked. Excavation 
continued to dredge level when the bottom prop was locked. 
K denotes the standard top down construction sequence, but with an increased Ki· 
L denotes standard construction sequence with lowering groundwater conditions 
in the long term. 
CK denotes alternative construction sequence with a high pre-excavation lateral 
earth pressure coefficient. 
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3.2 Pore Water Pressure Response During Testing 
In some of the centrifuge tests reported, the performance of the pore water 
pressure transducers was disappointing. Although the concern was such that a 
detailed evaluation of pore pressures for each test was undertaken in order to 
establish the overall validity of other key results from the model testing 
programme, the problem was exacerbated by the relatively small number of 
transducers used due to the limited number of channels available. The attrition 
rate for pore pressure transducers was high and when a transducer did malfunction 
during a test this usually left, at best, one transducer operating at that particular 
level in the clay model. For this reason, the readings of a lone pore pressure 
transducer have not been taken to be completely representative of the pore water 
pressure at that level, but used as a guide. 
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Figure 3.1: TESTCK5 Pore water pressures prior to excavation 
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Figure 3.1 shows the pore water pressures for test CK5 measured immediately 
before excavation. Consolidation was considered to be complete on the basis of 
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the pore pressures shown above and also from the measured soil surface 
settlements. In this test, the bottom transducer on the retained side measured pore 
water pressures that were consistently lower than hydrostatic. Initially this was 
thought to be due to slow transducer response to actual changes in pore water 
pressures. However, the allowance of a further half hour at model time produced 
no change in the transducer reading. From the response of the transducers 
positioned above the bottom transducer it seems likely that the transducer was at 
fault in some way (eg a blocked stone) and that the pore pressures were in fact 
hydrostatic. This pore pressure reading has been omitted from Figure 3.1. On the 
excavated side, the measured pore water pressures were also hydrostatic. 
The pore pressures presented in Figure 3.1 are typical of the measurements 
obtained in all tests towards the end of reconsolidation in that the majority of 
transducer readings were generally hydrostatic, with occasional data points 
significantly above or below the expected value. More often than not, this was a 
precursor to continued problems with this partiCUlar transducer for the remainder 
of the test and the subsequent failure of the transducer. 
As mentioned previously in Chapter 2, all pore water pressures were measured 
using Druck miniature pore pressure transducers (model PDCR 81). The ceramic 
stone used, located at the top of the transducer and required to prevent the 
effective stress of the soil from causing deflexion of the silicon diaphragm located 
within the transducer, was the one supplied with the transducer. A recent 
collaborative study, (Konig et aI, 1994), on the use and accuracy of Druck PDCR 
81 transducers, highlighted deficiencies with the supplied ceramic stone, and 
provided valuable information on the accuracy and response time. An alternative 
specification for the ceramic stone was also given. Generally, the ceramic stones 
supplied by Druck have been found to clog when used repeatedly in clays, which 
leads to poor response times for the transducer. 
Konig et al (1994) also highlight the difficulty, even in a series of meticulously 
executed tests, of obtaining consistent results, with variations in pore pressure 
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readings of up to 200/0 being recorded. This, coupled with the extended duration 
of the series of tests reported in this dissertation and the length of time that the 
model was in its unloaded state during assembly, led to the need for care in the 
interpretation of the pore pressure transducer readings. 
Figure 3.2 shows that the measured pore water pressures at the end of test K15 
indicate flooding of the retained surface. By projecting the best-fit line for the 
data points on the retained side, a flooded depth of water equivalent to 3m at 
prototype scale is indicated. If the +3m point on the graph is then the point of 
zero pore pressure and the hydrostatic and steady state lines are projected down 
from this point, it can be seen that downward seepage is maintained with the 
recorded values mid way between hydrostatic and steady state values calculated 
from flow nets. On the excavated side, the pore water pressures recorded are in 
accordance with those expected for an increased head, due to flooding, on the 
retained side. 
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Figure 3.2: TESTK15 Pore water pressures at end of test 
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Figure 3.3: TESTLIO Pore water pressures prior to excavation 
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Figures 3.3 and 3.4 demonstrate the effects on the pore water pressure readings of 
a reducing pore water pressure head at the boundary. Figure 3.3 shows the pore 
\vater pressures on both sides of the retaining wall prior to excavation to be 
approximately hydrostatic. Unfortunately, the bottom transducer on the retained 
side malfunctioned at the beginning of the test and no pore pressure data at this 
level were obtained. Figure 3.4 shows the pore pressures at the end of the test, 
which was approximately 12 years at prototype scale following excavation. On 
the retained side, the pore water pressures are reducing to a point where no 
seepage into the excavation would have been possible, due to there being zero 
excess head. The pore pressures recorded on the excavated side show a slower 
response to the head drop behind the wall, but are beginning to reduce in value to 
that which would eventually be expected. The test was ended after 12 years when 
it became obvious that a lowering ground water regime had been achieved, and 
that the prop loads and bending moments were simply reducing in response to 
lower pore water pressures. 
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Figure 3.4: TESTLIO Pore water pressures at end of test 
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Within the limitations of the transducers, the measured pore water pressures 
provide a general indication that the water supply and drainage systems were 
functioning satisfactorily, with the re-consolidation and long term seepage 
pressures developing as would be anticipated. 
3.3 Retained Surface Settlemets During Excavation 
Since the time taken for excavation varied between 2.5 days and 36 days it was 
decided that the measurement of ground movements just after the completion of 
excavation would not form a suitable basis for comparison. For the assessment of 
wall performance in the short term, the soil settlements measured 40 days after the 
end of excavation are presented for each centrifuge test in addition to the 
settlements recorded immediately after excavation, so that any component of 
settlement due to volume change should be similar in each case. As discussed by 
Powrie (1986), the groundwater conditions imposed on the centrifuge model are 
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such that an approximately uniform consolidation settlement, extending to the 
boundary of the strongbox, would be expected to occur in the long term behind 
the wall, and an approximately uniform heave in front. The centrifuge test would 
therefore tend to overestimate the extent of significant consolidation settlements 
(due to long term changes in water content) in the soil behind the wall, in 
comparison with a corresponding field construction. 
Since some change in volume would probably have occurred during excavation in 
the centrifuge, the settlement profiles presented contain a significant component of 
consolidation, as shown schematically in Figure 3.5. Thus the short term ground 
movements will tend to be overpredicted in both magnitude and extent, compared 
with the idealized undrained case in which no volume change is permitted. 
Furthermore, the values of settlement presented in the following section vary 
considerably, again primarily due to the consolidation component (exacerbated by 
the high permeability of the kaolin clay) and should not be compared with the 
magnitude and accordingly treated with caution. The settlements recorded are 
considerably greater than would occur in a real wall with a stiffer less permeable 
soil and a ground water level 1 m or more below the soil surface. 
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Figure 3.5: Idealized settlement (Test KIO) 
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3.5 Results of Centrifuge Tests 
The centrifuge test results are presented in chronological order so that faults, 
which led to changes in apparatus, can be discussed. An appraisal of the results 
then follows. 
3.4.1 TESTL10 (10m embedment depth with a lowering ground water level) 
Figure 3.6 and 3.7 shows the development of prop loads as a function of time for 
test LI0. From Figure 3.6 it can be seen that by the end of excavation (which took 
37 days) the load in the top prop had risen to its maximum recorded value of 607 
kN/m. The load then reduced over the long term to its minimum post excavation 
value of 240 kN/m at the end of the test (Figure 3.7). The load in the bottom prop 
rose rapidly once the locking device had been activated. It reached a value of 539 
kN/m at 43 days, and continued to rise more slowly to a maximum of 765 kN/m at 
1500 days. The gradual fall in the bottom prop load from its maximum value to 
its long term value of 617 kN/m at the end of the test was due to a reduction in 
groundwater level on the retained side of7.5m, as indicated in Figure 3.8. 
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Figure 3.6: TESTLIO Development of prop loads (short term) 
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Figure 3.7: TESTLIO Development of prop loads (long term) 
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Figure 3.8: TESTLIO Pore water pressures measured behind wall 
Figure 3.9 sho\\'s the bending moments measured in the wall immediately after 
excavation and at the end of the test when, from the pore water pressure data, a 
reduction in ground water level of 7.5m had occurred. This led to a reduction in 
the maximum bending moment of 1100 kNmlm. The original data points have 
been superimposed onto an interpolated graph of bending moment against time. 
This allo\ved the bending moment profile to be sketched in. The bending moment 
values used to describe the development of bending moments during the test are 
taken from the data values. Maximum recorded values may differ from the 
maximum value generated by the interpolation process. 
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Figure 3.9:TESTLI0 Variation in wall bending moments 
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Figure 3.10: TESTLI0 Retained surface settlement at 40 days 
2200 
Figure 3.10 shows the retained surface settlement profile immediately and 40 days 
after the start of excavation for test LIO. Generally, the soil adjacent to the wall is 
restrained by friction between the wall and the soil, so that the maximum 
settlement was located at a distance of approximately 8m from the wall. 
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3.4.2 TESTSS (Sm embedment depth, standard construction sequence) 
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Figure 3.11: TESTSS Development of prop loads 
Figure 3.11 shows the development of prop loads as a function of time for test S5. 
Immediately after excavation (which took 19 days) the top prop load was 641 
kN/m. It then increased by a further 66 kN/m to its maximum value at 200 days. 
The prop load was then observed to reduce to 650 kN/m at 300 days, remaining 
constant for a further 200 days. At 500 days the prop load then started to reduce 
to its long term value of 430 kN/m, with no further change taking place from 800 
days onwards. 
The bottom prop reached its maximum load of 1386 kN/m 100 days after the end 
of excavation. The prop load then reduced by 536 kN/m over the following 180 
days, remaining constant for approximately 200 days before there was a further 
reduction in prop load at 500 days towards 430 kN/m at 800 days (the same value 
as the top prop). At 800 days the load very quickly increased to its final steady 
value of 530 kN/m. 
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The sudden changes in prop loads, particularly the reduction in the top prop load 
at 120 days and the reduction in load in both props at 500 days can be explained in 
part by the change in pore water pressure recorded directly behind the wall. 
Figure 3.12 shows the pore water pressures, measured 1.5m behind the wall, up to 
2000 days after the start of the test. 
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Figure 3.12: TESTS5 Pore water pressures measured behind wall 
It can be seen from Figure 3.12 that on excavation the pore pressures dropped 
from their initial equilibrium values, which corresponded to hydrostatic 
conditions, to lower values in the short term. This drop in pore water pressure 
would have been caused by the unloading effect of the movement of the wall into 
the excavation as excavation proceeded. The pore pressures then increased slowly 
until at 300-500 days a period of reasonably constant pore water pressure was 
recorded. During this time, the top and bottom prop loads remained 
approximately constant. At 500 days the pore water pressures started to fall: this 
was again reflected in the measured prop loads. 
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What is clear from a comparison of prop loads and pore water pressures over the 
same period is the sensitivity of the props to changes (for whatever reason) in pore 
water pressure. This does not however, explain the performance of the bottom 
prop between 20 and 250 days where a peak load of 1386 kN/m fell rapidly to 850 
kN/m at 300 days. 
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Figure 3.13: TESTS5 Variation in wall bending moments 
1600 
Figure 3.13 shows bending moment diagrams at two different times for test S5. 
The long term bending moments presented are at 1000 days after excavation, 
when it was considered that the long term pore pressures under the initial 
hydraulic boundary conditions had been reached. Further reductions in bending 
moment were recorded over the longer term: these will be discussed in detail at a 
later stage. These longer term changes are not shown in Figure 3.13 above. 
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Figure 3.14: TESTS5 Retained surface settlement at 40 days 
Figure 3.14 shows the immediate and 40 day normalized settlement profile of the 
retained surface in test S5. It can be seen that maximum settlements occurred 
approximately 9m behind the wall, with friction between the wall and adjacent 
soil being responsible for reduced settlements close to the wall. It may be noted 
that the settlement trough is quite pronounced in this case. 
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3.4.3 TESTSIO (10m embedment depth, standard construction sequence) 
Figure 3.15 shows the development of load in the top prop up to its maximum 
recorded value as a function of time, for test S10. The load in the top prop rose 
from 590 kN/m 10 days after the start of excavation to a maximum of 
approximately 690kN/m at 300 days. It then remained approximately constant for 
a period of over 1000 days (Figure 3.16), before falling gradually to a steady value 
of 570kN/m at 3000 days. The fall in prop load after 2000 days was linked to a 
reduction in pore water pressures, of a magnitude which would lie within normal 
seasonal variations in the field (Carswell et aI, 1993). 
Unfortunately, no data concerning the load in the bottom prop were forthcoming 
from this test, due to the failure of the load cells. In test L 10 however, in which 
the wall embedment and short-term groundwater conditions were similar, the 
bottom prop load rose rapidly following excavation to 591kN/m after 30 days. 
(The corresponding top prop load in test L 1 0 was 554kN/m, which is of the same 
order to the 617kN/m recorded at the same time after excavation in test SI0). 
Figure 3.17 shows the bending moments measured in the wall at two stages of the 
test. These are the maximum values, recorded 370 days after excavation; and the 
long-term equilibrium values under the original groundwater regime (after 2000 
days). Despite the reduction in pore water pressures that took place between 2000 
days and the end of the test, there was very little change in the bending moments 
over this time. 
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Figure 3.17: TESTSI0 Development of top prop load (short term) 
TESTS10 DEVELOPMENT OF TOP PROP LOAD (LONG TERM) 
700 
650 
600 
550 
500 
E 450 
Z 400 ". 
0 
c:( 350 0 
...J 
Q. 300 0 
II: 
Q. 250 
200 
150 
100 
50 
0 
0 500 1000 1500 2000 2500 3000 3500 4000 4500 5000 5500 6000 6500 7000 
TIME (DAYS) PROTOTYPE SCALE 
Figure 3.18: TESTSI0 Development of top prop load (long term) 
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Figure 3.17: TESTSI0 Variation in wall bending moments 
The small reverse bending moment shown at the base of the wall is due to the 
interpolation process, and is not necessarily considered to have occurred in reality. 
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Figure 3.18: TESTSI0 Retained surface settlement at 40 days 
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It can be seen from Figure 3.18 that maximum settlement occurred approximately 
12m back from the wall. Although the overall settlements are similar in 
magnitude to test 85, the shape of the profile is much flatter. This may be due to a 
fundamentally different mechanism of displacement in the case of 85, which is 
somewhat closer to failure during excavation with only the top prop in position. 
3.4.4 TESTL15 (15m embedment depth, imposed reduction in ground water 
level in the long term) 
Figure 3.19 shows the development of prop loads over the first 1500 days of test 
L 15. The time taken for excavation was 3 days at prototype scale. This rapid 
excavation rate was caused by the pipe between the drainage control solenoid and 
the metering valve fracturing when the solenoid was operated. As in test L 1 0, the 
test can be split into two distinct periods according to the changes which occurred 
in the pore water pressure boundary conditions. The first 1500 days of the test can 
be considered to be a period of stable pore pressures and may reasonably be 
described as a standard 15m embedment test. The top prop load was approximately 
700 kN/m at the end of excavation and remained reasonably constant at this value 
for 1250 days, when a very gradual drop in prop load began to occur. The bottom 
prop load reached its maximum value of approximately 600 kN/m 147 days after 
the end of excavation. There was then a 50 kN/m reduction in load over the next 
100 days, which was followed by a period of constant load until approximately 
1250 days after excavation, when prop loads began to drop very gradually. 
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Figure 3.19: TESTL15 Development of prop loads (short term) 
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Figure 3.20: TESTL15 Development of prop loads (long term) 
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Figure 3.20 illustrates the change in prop loads in the long term. These changes 
were due to a change in pore water pressure boundary conditions, caused by an 
unplanned change to the water feed rate to the retained surface. The pore water 
pressures began to fall at around late afternoon/early evening. This would be 
consistent with the mains water pressure dropping at this time of day as the 
working population arrived home from work and water use increased. To prevent 
this from affecting further tests, an overflow hole was drilled in the strongbox just 
above the retained soil surface, and the water feed rate was increased so that a 
change in mains water pressure would have minimal effect on the model. Any 
excess water supplied under normal conditions would be drained away from the 
soil surface, through the overflow hole. 
Figure 3.21 shows clearly the pore pressures behind the wall being stable up to 
approximately 1250 days after excavation, and then starting to fall in the long term. 
This is consistent with the measured prop loads, and again shows the sensitivity of 
the loads in the props to changes in pore water pressures. Note the response of the 
A3 pore water pressure transducer at approximately 3750 days after excavation. It 
is thought that the response of the transducer from 3500 days onwards is the result 
of a transducer malfunction. The transducer reading up to 3500 days after 
excavation is thought to be representative of the pore water pressures at this level 
and shows a similar change in pore water pressure as the B3 and C3 transducer 
readings. 
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Figure 3.21: TESTL15 Pore water pressures measured behind wall 
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Figure 3.22: TESTL15 Pore water pressures measured in front of wall 
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Figure 3.23: TESTL15 Variation in wall bending moments 
Figure 3.23 shows the bending moment diagrams at three stages of the test. There 
is little difference between the maximum bending moment values recorded at the 
end of excavation and 1250 days after excavation, although the bending moment 
profile has changed slightly in the part of the wall just below the prop. This is 
probably due primarily to the presence of the prop. Even though the pore pressures 
behind the wall have increased (from 0 to 1250 days), bending moments are 
substantially unaffected, because the pore pressures in front of the wall have also 
increased (Figure 3.22). 
At the end of the test the maximum recorded bending moment (2208 kNmlm) was 
671 kNmlm less than the maximum bending moment recorded 1250 days after the 
test, due to a change in the pore pressure boundary conditions during the latter 
stages of the test. Again, there is a slight localized point of inflexion in the bending 
moment diagram, although not as pronounced as at 1250 days after excavation. 
The bending moment profiles show that the wall bending moments, like the prop 
loads, are sensitive to changes in net pore pressures. 
84 
TESTL 15 NORMALIZED RETAINED SOIL SURFACE SETTLEMENTS 
Distance from wall, x/h 
~----+-----+-----~----~----~----~-----r-----+-----+o 
1.8 1.6 1.4 1.2 0.8 
Immediately after excavation (3 days) 
40 days after excavation 
=------------------O--__ n'" 
0.6 0.4 0.2 
-0.002 
-0.004 
-0.006 
-0.008 
-0.01 
-0.012 
-0.014 
-0.016 
Settlement, B/h 
Figure 3.24: TESTL15 Retained surface settlement at 40 days 
Figure 3.24 shows the surface settlements in test LI5, immediately and 40 days 
after the start of excavation. It can be seen that maximum settlement occurred 
approximately 9m back from the wall. The soil adjacent to the wall was again 
prevented from moving downwards by friction between the wall and the soil. 
3.4.5 TESTCIO (10m embedment depth and alternative construction 
sequence) 
Figure 3.25 shows the development of the prop loads over the short term in test 
C 1 o. Despite the relatively rapid excavation rate, the data show that the alternative 
construction sequence process was modelled satisfactorily. 
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Figure 3.25: TESTCIO Development of prop load (short term) 
The zmc chloride solution was drained from the rubber bag until the pressure 
transducer located in the bag indicated a fluid level corresponding to the excavation 
of 5m of clay. The top prop was then installed and the excavation process 
continued until the bottom prop was installed at the end of excavation. Figure 3.25 
shows the top prop taking no load for approximately the first 1.5 days, which was 
the time taken to excavate down to -5m. The prop was then activated and the prop 
load steadily increased as excavation progressed. Just after 4 days, when the 
transducers in the bag indicated that excavation was complete, the bottom prop was 
installed, and began to carry load. This is shown quite clearly in Figure 3.25. 
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Figure 3.26: TESTCIO Development of prop load (long term) 
Figure 3.26 shows the long term prop loads in test C10. The maximum value of the 
top prop load was 390 kN/m, recorded at the end of excavation. The maximum 
bottom prop load was recorded 1000 days after the end of excavation and was 
approximately 550 kN/m. The bottom prop load reduced gradually over the test, 
with the minimum value recorded after 1000 days being approximately 390 kN/m. 
The excavation time of 4 days was again due to a fracturing polythene pipe. It was 
found that polythene pipe became brittle after contact with concentrated ZnCl2 
solution resulting in failure when any sudden loading, such as that caused by the 
opening of the drainage valve, was applied. For subsequent tests, all polythene 
piping in contact with ZnCl2 was removed, and replaced with brass pipe. 
The variation in wall bending moments between the instant immediately after 
excavation and the end of the test (approximately 20 years) can be seen in Figure 
3.27. A maximum bending moment of2261 kNmlm was recorded at a depth of 8m 
below the retained soil surface immediately after excavation. The maximum 
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bending moment at the end of the test was 1154 kNmlm, which was recorded at a 
depth of 5m below the retained soil surface. This represents a decrease of 1107 
kNmlm between the beginning and the end of the test, and a slight upward 
movement of the point of maximum bending moment. 
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Figure 3.27: TESTCIO Variation in wall bending moments 
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Figure 3.28: TESTCIO Retained surface settlement at 40 days 
Figure 3.28 shows the surface settlement profile for test CIO. The settlement 
recorded 9m back from the wall is thought to be in error and may be attributable to 
noise from the Ivdt and/or the channel. The remainder of the settlement profile is 
consistent with settlement data presented earlier, with settlements adjacent to the 
wall being influenced by the soil/wall friction. 
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3.4.6 TESTKIO (10m embedment depth with standard construction sequence 
with a high K j) 
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Figure 3.29: TESTKIO Development of top prop load (short term) 
From Figure 3.29 it can be seen that a maximum prop load of 744 kN/m occurred at 
the end of excavation (which took approximately 10 days), followed by a reduction 
of75 kN/m over the following 6 days. The load then remained reasonably constant 
at approximately 670 kN/m until 800 days after the start of excavation when a 
reduction in load was observed. As in previous tests, this period of constant load 
corresponded to a period of constant pore water pressures, with a change in the 
boundary condition causing the drop in load over the long term (>800 days). 
Figure 3.30 shows the development of the prop load over the entire length of the 
test (approximately 18 years at prototype scale), including the rapid drop in load 
after 800 days to a steady long term value of approximately 500 kN/m. 
Unfortunately, no bottom prop data were forthcoming due to the failure of the load 
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cells. Test L 10 gave a maximum top prop load of 607 kN/m immediately after 
excavation, compared with 633 kN/m recorded in test KIO one month after 
excavation (discounting the spike of 744 kN/m). 
The trace of prop load in Figure 3.30 changes from one with small fluctuations due 
to noise (within normal limits for transducers subject to such onerous working 
conditions and slip rings which require periodic refurbishment), to a flat line 
between 2250 days and 8500 days. This was due to there being no data being 
recorded between these two periods, following the failure of the data logging 
system during overnight running of the centrifuge when no operator was present. 
The data logging system was re-activated in the morning and as can be seen, the 
prop load was very similar to its previous value, which suggests that there had been 
little or no change to the model during this period. The other transducer data also 
indicated no significant changes over this period. 
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Figure 3.30: TESTKIO Development of prop load (long term) 
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Figure 3.31 shows the variation in bending moments at three stages of the test KID. 
A maximum bending moment of 1856 kNmlm was recorded 8m below the 
retained soil surface immediately after excavation. As mentioned above, the prop 
load fell from its maximum value immediately after the end of excavation and 
remained constant up to 800 days when a further reduction was recorded. The 
bending moments recorded at the end of this initial period showed a reduction in 
maximum bending moment, to a value of 1034 kNmlm. The probable point of 
maximum bending moment had moved up slightly, to a depth of 5m below the 
retained soil surface. The long term maximum bending moment recorded at the 
end of the test was 862 kNmlm, representing a further reduction of 222 kNmlm. 
In the long term, there was a measured reversal in bending moment at the base of 
the wall, with a bending moment of -96 kNmlm being recorded at a depth of 18m 
below the retained soil surface. 
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Figure 3.31; TESTKI0 Variation in wall bending moments 
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Figure 3.32 shows the normalized settlement profiles at 40 days. The maximum 
settlement occurred approximately 12m back from the wall. 
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Figure 3.32: TESTKI0 Retained surface settlement at 40 days 
3.4.7 TESTK15 (15m embedment depth, standard construction sequence and 
high K i) 
Figure 3.33 shows the development of prop loads for test K15. The top prop load 
reached a maximum of 710 kN/m approximately 300 days after the start of 
excavation (which took 14 days to complete). The prop load immediately after 
excavation was 533 kN/m and after reaching a peak at 300 days fell to 
approximately 663 kN/m by 1500 days, after which the load remained unchanged 
for the remainder of the test. As in test S10 and CI0, the bottom prop took 
approximately 1000 days to reach its maximum value of 772 kN/m. It is thought 
that this is due to the transfer of load from the soil in front of the wall to the prop as 
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the soil softens, due to swelling. After this time the bottom prop load remained 
reasonably constant throughout the test which stopped at 20 years after excavation. 
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Figure 3.33: TESTK15 Development of prop loads 
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Figure 3.34: TESTK15 Variation in wall bending moments 
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Figure 3.34 shows the wall bending moments at vanous stages of the test. 
Immediately after excavation the maximum bending moment was 3305 kNmlm 
recorded at a depth of 12m below the retained soil surface. The maximum bending 
moment recorded 1000 days after excavation was 1868 kNmlm and developed 5m 
below the retained soil surface. At the end of the test the maximum bending 
moment was 1778 kNmlm, which was again recorded at a depth of 5m below the 
retained soil surface. The bending moment profiles at 1000 days and at the end of 
the test showed a marked reduction in bending moment locally in the area of the 
bottom prop. 
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Figure 3.35: TESTK15 Retained surface settlement at 40 days 
Figure 3.35 shows the retained surface settlements. It can be seen that the 
maximum settlement occurred approximately 12m back from the wall. Soil 
settlement adjacent to the wall was limited by friction between the wall and soil. 
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3.4.8 TESTCK5 (5m embedment depth, alternative construction sequence and 
high K i) 
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Figure 3.36: TESTCK15 Development of prop loads 
Figure 3.36 shows the development of prop loads for test CK5. The maximum load 
in the top prop was 676 kN/m recorded immediately after excavation (which took 
16 days to complete). The load dropped slightly to approximately 650 kN/m and 
remained at this value for approximately 500 days. After this, it began to drop over 
the next 2000 days to its long tenn steady value of approximately 540 kN/m. The 
bottom prop reached its maximum load of approximately 760 kN/m 3500 days after 
excavation. This slow development of bottom prop load has already been 
attributed to the transfer of load from the soil to the prop as the soil softens 
Figure 3.37 shows the variation in bending moments for test CK5. Three sets of 
bending moment data are presented to follow the development of the top prop 
loading during the test. The maximum bending moment immediately after 
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excavation was 1333 kNmlm and was recorded 6m down from the retained soil 
surface. 1 year after excavation; the end of the initial period of maximum top prop 
load, the maximum bending moment was 938 kNmlm measured 6m down from the 
retained soil surface. In the long term, the maximum positive bending moment was 
748 kNmlm measured 4m below the retained soil surface. A maximum negative 
bending moment of -1004 kNmlm was measured Il.Sm below the retained soil 
surface. 
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Figure 3.37 TESTCK5 Variation in wall bending moments 
Figure 3.3 8 shows the retained surface settlements. It can be seen that maximum 
settlement occurred approximately 6m back from the wall. Soil settlement adjacent 
to the wall was again reduced due to friction between the wall and soil. 
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Figure 3.38: TESTCK5 Retained surface settlement at 40 days 
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Chapter 4 
Discussion of Centrifuge Test Results 
4.0 Introduction 
From a comparison of results from the centrifuge tests, the influences of embedment 
depth, pre-excavation lateral earth pressure coefficients and propping sequence are 
discusssed and conclusions drawn. 
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4.1 Influence of Embedment Depth 
The influence of the depth of embedment may be investigated by comparing results 
from tests S5 and S 1 O. Short term data from tests L 1 0 and L 15 may also be included 
in the comparison, as the ground water regime in these tests at excavation was similar 
to the standard case. It was only in the long term that the pore water pressures began 
to fall. 
MAXIMA LONG 
TERM 
TEST BENDING TOP PROP BTMPROP BENDING TOP PROP 
MOMENT LOAD LOAD MOMENT LOAD 
kNmlm kN/m kN/m kNmlm kN/m 
S5 1464 707 1225 633 417 
S10 2165* 687 + 1797 564 
LI0 1790 607 731 933 239 
L15 2879* 689 584 2206 365 
Maximum bending moments and prop loads were recorded in the short term 
* Maximum bending moments recorded 1 year after excavation 
+ Bottom prop transducers failed during test 
Table 4.1: Summary of maximum and long term key results 
BTMPROP 
LOAD 
kN/m 
530 
+ 
617 
201 
Table 4.1 details the maximum bending moments and prop loads measured in each of 
these tests, together with the corresponding long term values under the original 
boundary groundwater regime. (It should be noted that while the maximum bending 
moment occurred at the same time as the maximum load in the top prop, there was 
generally a delay of up to 365 days after the end of excavation before the bottom prop 
load had increased to its maximum value. In general, therefore, the maximum bottom 
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prop load given in Table 4.1 did not act contemporaneously with the maximum top 
prop load and bending moment). As mentioned previously, it is significant that the 
largest bending moments and prop loads occurred in the short term, within twelve 
months of excavation. A further important point is that the maximum bending 
moment increases with the depth of wall embedment. Although the measured 
maximum top prop loads display perhaps surprisingly little sensitivity, the bottom 
prop loads are clearly reduced by increasing wall embedment depths. 
VARIATION IN RETAINED SURFACE SETTLEMENT PROFILES 
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Fig 4.1: Variation in retained surface settlements 
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Figure 4.1 compares the soil settlements measured in each test, 40 days after the start 
of excavation. For the walls of 10m and 15m embedment, the settlement patterns are 
similar. For the 5m wall, differential settlement is more apparent, with a pronounced 
settlement trough occurring at a horizontal distance x of 0.8 x the excavation depth h 
from the back of the wall (x/h=0.8). In terms of magnitude, there is no completely 
consistent trend. The settlements measured in test 85 at a distance of more than one 
excavation depth from the wall (x/h> 1) were comparatively small. However, this may 
be due to a fundamentally different deformation pattern, perhaps associated with a 
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nascent rupture in the retained soil during excavation prior to the installation of the 
carriageway level prop (cf Bolton & Powrie, 1987, Figure 27). For consistency with 
the data from tests S5 and L 15, the settlements associated with a wall of 10m 
embedment would be expected to lie between those measured in test S10 (which were 
comparatively large) and L 1 0 (which were comparatively small). 
The results show that an increase in embedment depth will lead to an increase in wall 
bending moment. However, the advantage of an increased embedment in terms of 
limiting soil settlements has not been demonstrated. This is consistent with the findings 
of Simpson (1992), based on finite element analyses and simplified calculations 
following Bolton, Powrie & Symons (1989, 1990), for walls propped at the crest. 
Simpson (1992) showed that shortening the wall will reduce the calculated bending 
moment. \vithout adding appreciably to movement, and argued that the then current 
(pre BS8002, 1994) British design methods lead to walls that are unnecessarily long 
and may be insufficiently stiff and strong. After installation of the second prop, wall 
rotation is prevented and deformation will be due primarily to bending. In these 
circumstances, the stiffness of the wall will be particularly important. The main 
advantage of increasing the embedment depth is that the load in the lower prop is 
reduced, because the resistance offered by the soil in front of the wall is increased. 
4.2 Influence of Pre-Excavation Lateral Earth Pressure Coefficients 
The influence of the pre-excavation lateral stress may be investigated by comparing 
test S10 with test KI0. Again, short term data from test LI0 may be useful, and the 
short term behaviour of test L15 may be compared with that from test K15. 
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TEST MAX BENDING TOP PROP LOAD BTM PROP LOAD 
MOMENT kNmlm kN/m* kN/m 
SID 2185 696 + 
LID 1790 607 731 
KID 1556 727 + 
LI5 2879 689 584 
KI5 3305 710 772 
* Denotes maximum top prop loads. All prop loads recorded shortly after 
excavation except K 15 which was recorded 150 days after excavation. 
+ Prop transducer failed during test 
Table 4.2: Summary of short term results 
Table 4.2 details the maximum prop loads and bending moments measured in tests 
SIO, LIO, KID; LI5 and KI5. (Again, it should be noted that while the maximum top 
prop load occurred at the same time as the maximum bending moment, the maximum 
bottom prop load was not developed contemporaneously). The results from the tests 
on walls having a 15m embedment conform to the expected pattern, with bending 
moments and prop loads increased by up to about 15% in the case of the higher pre-
excavation lateral earth pressure coefficient. The test results for the walls of 10m 
embedment do not conform to this pattern, with the maximum bending moments from 
test KIO being lower than those from either of the other tests (SIO and LIO). The 
reason for this is uncertain, particularly as the maximum top prop loads were slightly 
(3-5%) higher in the tests with increased pre-excavation earth pressure coefficients, 
for both 10m and 15m walls. 
Figure 4.2 shows the retained soil surface settlements measured 40 days after the start 
of excavation in tests SIO, LID, KID; LI5 and KI5. If test LID settlements are 
regarded as anomalous, it can be seen that SID settlements are greater than L 15 
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settlements by appoximately 60% and KI0 settlements are greater than K15 
settlements by approximatelty 280/0. The greater difference in settlements between 
S 1 0 and L 15 compared to K 10 and K 15 indicates that the deeper embedment depths 
do result in slightly smaller settlements, but not by much, particularly with high K j • 
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Figure 4.2: Retained surface settlements 
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The influence of the construction sequence may be investigated by comparing test S10 
with test C 1 0 and test S5 with test CK5. In the latter case, some allowance should , 
perhaps be made for the effect of the different pre-excavation earth pressure 
coefficients, although the finite element analyses presented in Section 3.2.3 suggest 
that this is quite small. Again, short term data from test L 10 may also be useful. 
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Table 4.3 details the maximum prop loads and bending moments measured in tests 
S10, LI0, CI0, 85 and CK5. For the walls of 10m embedment, it is surprising that the 
greatest maximum bending moment occurred in test C 1 0, in which excavation in front 
of the wall to a depth of 5m was carried out before the top prop was installed. This 
large bending moment seems inconsistent with the maximum top prop load, which 
was almost 35% smaller than that measured in the test with the standard construction 
sequence, 810. It is likely that there was a similar proportional reduction in the 
maximum load in the bottom prop. In the case of the wall of 5m embedment, the 
delayed installation of the top prop reduced the maximum bending moment by 
approximately 16%, notwithstanding the increased pre-excavation lateral stresses. The 
maximum top prop load was similar in each test (85 and CK5), but the maximum 
bottom prop load was reduced significantly. 
TEST MAX BENDING TOP PROP LOAD BTM PROP LOAD 
MOMENT kNmlm kN/m* kN/m* 
S5 1468 707 1225 
CK5 1238 667 562 
S10* 2185 696 -
LI0 1790 607 731 
CIO 2406 454 509 
* Denotes maximum prop loads recorded. Max btm prop loads were recorded at 
1800 days for C 1 0, 365 Days for CK5 and 150 days for S5 
- Prop transducer failed during test 
Table 3.4: Summary of short term results 
Figure 4.3 shows the retained soil surface settlements measured 40 days after the start 
of excavation in tests S10, LI0, CI0, S5 and CK5. The centrifuge test results suggest 
that the effect of the alternative construction sequence is to increase ground 
movements. The settlements measured in test CK5 were greater than those measured 
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in test S5, while the settlements measured in test CIO were greater than those 
measured in either test L 10 or test S 1 O. This is as would be expected. In each case, the 
use of the alternative construction sequence increased soil settlements by a factor of 
up to about two. It is also interesting to note that the shapes of the settlement profiles 
are generally similar for a wall of given embedment depth. 
NORMALIZED RETAINED SOIL SURFACE SETTLEMENTS 
Distance from wall, xlh 
~----~-----+----~r-----+-----~-----+----~------+-----~ 0 
1.8 1.6 1.4 1.2 1 0.8 0.6 0.4 0.2 
-0.005 
55 
L 10 ~_...::::::::====--_ 
-0.01 
-0.015 
CK5 --=:-_____ __ 
510 .... 
-0.02 
C10 
-0.025 
-0.03 
-0.035 
Settlement, I>/h 
Figure 4.3 Variation in retained surface settlements 
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Chapter 5 
Finite Element Analysis Procedure 
5.0 Introduction 
The results a series of CRISP finite element analyses, in which it was attempted to 
model the multi-propped retaining wall centrifuge tests, are presented. The suitability 
of the input parameters used is discussed with reference to a wall of Sm embedment 
depth propped at the crest, tested by Powrie (1986), which failed soon after 
excavation. 
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5.1 Finite Element Method 
Finite element methods have been in existence for some time, being used in the 
analysis of air frames since the early 1940's. These early aeronautical engineers 
would have spent the early part of their careers solving small parts of much larger 
matrix algebra problems in order to analyse the stresses acting on airframes. With the 
rapid development of computer technology -in particular the faster processor speeds 
now being achieved by desk top personal computers- the use of finite element 
methods has become more popular and much more accessible. The principle of this 
method is to divide the structure or material to be analysed into a number of elements 
joined by nodes. Interpolating polynomials are then used to describe the variation of a 
field variable such as stress or strain within each element. 
The most common approach, the displacement method, involves expressIng the 
displacement inside each element as a polynomial function of the displacement at the 
nodal points and the position of the element. The condition of compatibility is then 
used to obtain the strains inside the element from the nodal displacements 
(Zienkiewicz, 1967). In order to determine the stresses inside the elements in terms of 
the nodal displacements, the stress-strain relationship for the material (D-matrix) is 
used. Then, in order to determine the equivalent nodal forces which are in 
equilibrium with this state of internal stress, the principle of virtual work is applied. 
The nodal forces should balance the loads due to self-weight and boundary stresses. 
Full details of this method outlined above can be found in Nath (1974). 
With care it should be possible to discretize any irregular geometry into a continuum 
of small regular elements such as triangles and quadrilaterals. Having done this, it 
will then be possible to solve most boundary value problems, even though a closed-
form analytical solution may not be available. A further advantage of finite element 
methods is the comparative ease with which a non-homogeneous and anisotropic 
material such as soil can be modelled. 
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There are several methods available to improve the accuracy of results. These include 
the use of higher order elements, and adaptive mesh refinement, in which the mesh is 
redefined as the analysis progresses to provide a greater concentration of elements 
within the areas of greatest deformation within the continuum. This will, however, be 
achieved at the expense of increased computer resources and processing time. 
5.2 Finite Element Program CRISP90 
CRISP (CRItical State Programs) is a suite of finite element programs developed 
principally for soil mechanics. It has been written and developed by many research 
workers in the Cambridge University Engineering Department Soil Mechanics Group 
since 1985. Its present form is due in particular to Britto and Gunn (Britto and Gunn, 
1987). As the program name suggests, this program incorporates the critical state 
concepts of soil mechanics into a finite element program. 
Since the program has been written as a research tool, with the structure of the 
program such that amendments to the program can be easily implemented, many 
variations of the program exist. In its basic fonn the program can perfonn drained, 
undrained or fully-coupled consolidation analyses of two-dimensional plane strain or 
axi-symmetric and three-dimensional problems. The soil models that are available 
include anisotropic elasticity, non-homogeneous elasticity (Young's Modulus varies 
with depth), elastic-perfectly plastic models incorporating various failure criteria and 
critical state soil models. A recent enhancement has been the implementation of 
Simpson's brick model (Simpson, 1992 and Chandler, 1995). This is a non-linear soil 
model which incorporates a Modified Newton-Raphson stiffness iteration to replace 
the much criticised tangent stiffness approach currently used in CRISP (Potts and 
Ganendra, 1991). The BRICK model can realistically represent the high stiffness of 
soils at small strains and can be used with consolidation elements. 
For strains which vary linearly within an element, 6 noded triangles (LST) and 8 
noded quadrilaterals (LSQ) are available. Higher order elements such as the 15 noded 
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cubic strain triangles (CuST) are also available. To model soil/structure interaction 
effects, an interface element is available, together with discrete bar and beam 
elements. 
CRISP uses an incremental or tangent stiffness approach to model the non-linear 
stress-strain response that characterizes soil. For this reason the change in the loading 
of the elements due to some event such as excavation, is divided into a number of 
smaller increments and the program applies each of these incremental loads in turn. 
In each increment the stiffness properties appropriate to the current stress level are 
used in the computation. This has the disadvantage that if too few increments are 
used in the analysis the soil stiffness is over predicted and displacements are under 
predicted. 
One of the distinguishing features of CRISP is the ability to model excavation 
processes, the construction of embankments, and backfilling etc. CRISP "switches" 
the element stiffness on or off following on backfilling or excavation. This new 
loading is then calculated and incorporated into the increment. CRISP is also capable 
of modelling consolidation during an analysis which introduces the pore water 
pressure as an extra unknown. For this reason, consolidation elements (which have 
additional nodes to deal with this extra degree of freedom) must be used. For a 
consolidation analysis, time increments are specified, which allow construction 
sequences to be modelled in real time. 
5.3 Selection of CRISP Soil Model 
It was considered desirable to model the retaining wall at prototype scale, ie in a block 
of clay 30m deep and 55m long, with the wall inserted 21.5m from the assumed 
centreline. The soil was modelled using a behavioural regime proposed by Schofield 
(1980) which incorporates the Cam-clay yield surface on the wet side of critical state 
and the Hvorslev surface and a no-tension cut-off on the dry side. Heavily over-
consolidated clays will generally fail by the formation of ruptures associated with 
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dilation and softening. Hvorslev (1937) found that within a certain range of effective 
normal stress, the shear stress on these rupture planes increased approximately 
linearly with the effective normal stress. Since Cam-clay and modified Cam-clay 
over-predict the yield stress for soils in this over-consolidated region, it was suggested 
by Schofield and Wroth (1968) that the Hvorslev surface defined a region of failure in 
the soil that cut across the Cam-clay state boundary surface. 
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Figure 5.1: Schofield soil model 
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The Schofield model is an elasto-plastic soil model which requires three parameters to 
describe the state of the soil. These are the effective mean normal stress, p', the 
deviatoric stress, q' and the specific volume v. Many real soils may be modelled 
provided that appropriate parameters are chosen. With reference to Figure 5.1, 
equations for the various lines in v-Inp' are: 
Isotropic normal consolidation line: 
v N - A lnp' 
where N = r + A- K 
Critical state line: 
v =r -A lnp' 
111 
5.1 
5.2 
Isotropic swelling line: 
v = v" - K lnp' 5.3 
The yield surface for the Schofield model is the same as that for Cam-clay provided 
that p'/p' cs > 1. This corresponds to an OCR on p' of up to 2.3. If the normality 
condition applies, the yield surface for the Cam-clay model can be found by applying 
the flow rule and the normality condition of plasticity theory (ie plastic strain 
increment vector is normal to the plastic potential) and the equation is: 
q = Mp' In (p' c /p') 5.4 
If p'< p' cs then rupture will occur which is governed by the Hvorslev failure criterion. 
In the finite element formulation, however, the Hvorslev stress state is treated as a 
yield surface. 
The Schofield model models the soil isotropically and makes no attempt to model the 
recent stress history of the clay sample. Considerable work has been undertaken to 
investigate the relationship between the small strain stiffness and the recent stress 
history of soils. These effects can be modelled using the three surface model 
(Stallebrass, 1990), the non-linear ground model (Jardine et aI, 1991) and the brick 
model (Simpson, 1992) which has recently been implemented into CRISP (Chandler, 
1995). In all of these constitutive models, the principal aim is to model the 
relationship between stiffness and strain as accurately as possible. An alternative 
approach is to use empirical relationships to link the stiffness-strain response of soil, 
for example, the Hysteretic Cam Clay (HCC) model described by Bolton et al. (1992). 
This model takes the experimentally measured stress-strain curve for the soil and uses 
a varying value of shear modulus G to fit this curve. However, none of the models 
described above were available in the standard version of CRISP, and since each 
model requires sophisticated stress path testing to develop the various stress-strain 
curve data used in the models it was decided to continue to use the Schofield model. 
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Sharma (1994) describes a method of modelling a soil in an anisotropic stress state 
using the Schofield model. The problem he analysed involved the construction of a 
sand embankment founded on a layer of soft clay. AI-Tabbaa, (1984) had shown that 
the yield locus for one-dimensionally consolidated speswhite kaolin is not 
symmetrical about the p' axis but has an inclined axis of symmetry in q-p' space, 
indicating stress induced anisotropy. Under the loading induced by the construction of 
the sand embankment, there will be rotation of principal stresses from nearly vertical 
underneath the shoulder of the embankment to nearly horizontal beyond the toe of the 
embankment (Figure 5.2). The modelling procedure required that the value of 
undrained shear strength t u for each of the three zones should be in the ratio 
1 :0.64:0.61 for active, shear and passive respectively. This was based on 
experimental observations (Bjerrum, 1972; Kinner and Ladd, 1973 and Ohta et aI., 
1985) which suggested that the undrained shear strength tu of an isotropically 
consolidated clay reduces as the direction of principal stress changes from nearly 
vertical in the active zone to nearly horizontal in the passive zone. A detailed account 
of the evidence to support this is given by Sharma, (1994). The different shear 
strengths were achieved by reducing the respective values of p' c in the shear and 
passive zones to 0.592 and 0.559 times the value of p' c in the active zone. 
Embankment 
Passive zon 
Shear zone 
Cia foundation 
Figure 5.2: Deformation zones of clay foundation (after Sharma, 1994) 
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As can be seen from the above, it is possible to model anisotropically consolidated 
clay using a Cam clay model. However, it may not be straightforward, and would 
involve changes to the CRISP program. The modifications to the standard CRISP 
program undertaken by Sharma, (1994) included changing the formulation of the 
Schofield model in such a way that the shear modulus G could be specified in 
proportion to the mean effective stress p'. Also, it was necessary define the horizontal 
and vertical permeabilities as a function of the current void ratio based on 
relationships suggested by AI-Tabbaa (1987). 
It was decided, therefore, to model the centrifuge tests using the Schofield model in 
the standard version of CRISP, and in a manner that would not be untypical of a 
design office. Therefore emphasis was placed on producing a straightforward analysis 
using a standard soil model, and one set of soil parameters to model all stages of the 
test. 
5.4 Selection of Elements and Number of Load Increments 
The mesh used in the analyses, shown in Figure 5.3, comprised 359 linear strain 
quadrilateral and 10 linear strain triangular elements. The wall, and where present the 
slab, was modelled using linear strain quadrilateral elements which, since these 
structural components were assumed to be impermeable, did not require pore water 
pressure nodes. The props were modelled using 3-noded beam elements. The mesh 
was constructed to have smaller elements concentrated around the wall, where the 
most significant changes in stress and strain in the soil due to excavation were 
expected to occur. Additional elements were placed around the toe of the wall to 
gauge the effectiveness of the original mesh. No improvement in the performance of 
the mesh was noticeable but this slightly refined mesh was adopted for all subsequent 
analyses. 
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It was decided not to use interface elements around the wall since there is an 
incompatibility between their use and a consolidation analysis in that the interface 
elements should strictly only be used in an drained analysis. This is due to the 
elements predicting slip on the basis of the current total stress minus the original pore 
water pressure. Also, experience with slip elements has shown them to be most useful 
where there is a tendency for the wall to pull away from the soil, eg unpropped walls, 
which is not a problem with the early installation of the top prop. 
As stated earler in section 5.2, CRISP uses an incremental or tangent stiffness 
approach to model the non-linear stress-strain response that characterizes soil. The 
unloading of elements associated with the excavation procedure needs to be divided 
over a number of smaller load increments which the program applies in turn. In order 
to limit the output (particularly voluminous when using the double precision version 
of CRISP) and the computational time taken for each analysis, a balance has to be 
made between the numbers of elements and loading increments. 
In all analyses, excavation was modelled in 2m deep layers to a depth of 10m with a 
[mal excavated layer of 1 m taking the depth of the excavation to 11 m. The change in 
load associated with the removal of each 2m layer was applied over a single increment 
block of 5 equal increments. An analysis was performed which used double the 
number of loading increments (10 equal loading increments per increment block), 
which made no significant difference to the results. Since the only real effect of 
doubling the number of loading increments was to double the size of the output file 
(particularly the .NRD file, the size of which cannot be controlled by data limitation 
measures), it was decided to perform all analyses using 5 equal increments for each 
increment block. 
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Figure 5.3: Finite element mesh and boundary conditions 
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5.5 Idealized Geometry 
The idealized geometry, Figure 5.4, is symmetrical about the centre line, so that the 
mesh (like the centrifuge model) represents one half of a cross-section through a cut-
and-cover tunnel. The lower horizontal boundary to the mesh was set at the bottom of 
the strong box. The nodes along the base of the mesh were modelled as fully pinned. 
The boundaries at the sides of the mesh were modelled as being restrained in the 
horizontal direction only. The analyses commenced with the wall already in place 
(the effects caused by the wall installation process are discussed in 5.12). 
32.5m 
.--- r------------,...-...... t--r- Bar element, 
29m 
~ ~--=':"'=;':":.=iL::"":";""'L----,..,-:~ 
.---
1m 
10m ~ 
15m 
----.L...Bar element' 
1m I 
5m ! i 
t f-i 5m Ii ~ I 
Figure 5.4: Idealized geometry of FEA model 
5.6 Selection of Input Parameters 
The first phase in the selection of input parameters was to adopt the parameters used 
by Bolton et al (1989) and attempt to emulate the performance of Powrie's 5m 
embedment depth wall propped at crest (wall DWC 11: Powrie, 1986 and Bolton & 
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Powrie, 1987). The wall stiffness in test DWell was EI=9.8xI06 kNm2/m, 
compared to a bending stiffness of EI=2.0x106 kNm2/m for the more flexible walls 
used in the current centrifuge tests. Although wall deflections due to bending would 
be greater, the overall mode of failure would be expected to be similar. The 
temporary struts were modelled using bar elements with a stiffness in axial 
compression P/8=EAIL=2.56xI05 kN/m run of wall. This corresponds to the stiffness 
of the stainless steel bar used as a prop in the centrifuge model tests, which was 8mm 
in diameter with an internal diameter of 6mm at model scale. 
Soil parameter 
Slope of I-dimensional compression line in v-In p' space 
Slope of unload/reload line in v-In p' space 
Specific volume (and void ratio) on critical state line at p' = IkPa 
in v-In p' space 
Slope of critical state line in q:p' space 
Poisson's ratio 
Unit \veight of water 
Bulk unit weight of soil 
Permeability in vertical direction 
Permeability in horizontal direction 
Slope of Hvorslev surface in q:p' space 
Slope of no-tension cut-off in q:p' space 
Permeability in vertical direction for tensile fracture region 
Permeability in horizontal direction for tensile fracture region 
Table 5.1: Soil parameters used in FE analyses 
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A =0.25 
K =0.05 
r =3.48 (eo=2.48) 
M=0.65 
v' =0.33 
3 yw=9.81 kN/m 
Ys=17.34 kN/m3 
kv= 0.66xlO-9 m1s 
kh=1.8xlO-9 m1s 
H=0.64 
S=2 
kx=10xlO-
6 
m1s 
ky=l Oxl 0-6 m1s 
5.7 Pre-Excavation Stress State 
For the calibration of the input parameters with reference to DWCll, a pre-excavation 
lateral stress profile corresponding to Ki = 1 as shown in Table 5.2 was used. This 
probably represents a lower limit to the lateral stresses prior to excavation, following 
stress relief due to the installation of the wall. A more detailed explanation of this 
effect is given in section 5.12. 
Depth (m) 
0 
4 
6 
9 
11 
19 
30 
3 Based on y = 17.35 kN/m 
K·=1 1 
a'v = a\ kN/m.l 
0 
30.12 
45.18 
67.77 
82.83 
143.07 
225.9 
Table 5.2: In-situ stresses corresponding to Ki = 1.0 
5.8 Sequence of Analysis 
The sequence of each analysis, starting with the wall already in place, was as follows: 
Construction sequence for DWCll 
1. Top prop bar element added effectively instantaneously. 
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ii. Excavation to -11m in 2m layers plus one 1m layer over a period of 30 days with 
pore pressures set to zero at the current excavated surface. 
iii. Consolidation in the long term with time increments corresponding to 1, 3 and 6 
months, 1 year, 2, 4, 8, 16, 32, 64 and 120 years after excavation. 
5.9 Analysis of DWell 
It can be seen from Table 5.1 that the slope of the critical state line was specified as 
M=0.65 which corresponds to ~' crit = 22° in plane strain. The slope of the Hvorslev 
surface in q:p' space was specified as 0.64. This is just less than the slope of the 
critical state line. Initially, a Hvorslev slope of 0.463 was specified, assuming ~'H = 
15.5° in triaxial compression and then making an appropriate adjustment to take into 
account the plane strain nature of the analysis. In the analysis of DWCl1 with 
H=0.463 the wall did not fail at any stage. A thorough re-examination of White's 
work showed that his value of ~'H (=15.5°) had in fact already been adjusted for plane 
strain, and corresponded to ~'H = 19.8° in triaxial compression. DWC11 was then re-
analysed with H = 0.59, which corresponds to ~' H = 19.8° in plane strain. In this case, 
the wall failed as it did in the centrifuge test DWC 11, and in the analyses reported by 
Li (1990) and Bolton et al (1989), White (1989). Results are shown in Figure 5.5 
(wall deflections at various stages of the analysis) and Figure 5.6 (the heave calculated 
at the same stages). It was the contrast between the analyses using H = 0.59 and 
H=0.463 that provided the initial indication of the sensitivity of the Schofield model 
to the slope of the Hvorslev line. 
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Figure 5.5: DWCII wall deflections 
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Figure 5.7: S10. 0=0.59 - Development of prop loads and wall deflections 
Once the analyses of Li (1990) and White (1989) had been replicated, the centrifuge 
model test S10 was analysed using H = 0.59. As can be seen from Figure 5.7, the 
analysis shows the top prop being subjected to a compressive load of a little over 600 
kN/m at the end of excavation with the bottom prop under a tensile load of 194 kN/m 
at approximately 4 years after the end of excavation. The bottom prop did not go into 
compression, although the tensile force reduced to 20 kN/m at 55 years and remained 
constant until the end of the test, 120 years after excavation. 
Figures 5.8 - 5.10 inclusive show the development of total and effective lateral 
stresses and pore water pressures during various stages of the analysis. From Figure 
5.7, the maximum tensile load recorded in the bottom prop occurred approximately 4 
years after the end of excavation. An examination of the lateral stresses and pore 
water pressures at this time, (Figure 5.8) showed the pore water pressures to be 
approaching their steady state values, and effective and total lateral stresses at the 
excavated surface to be higher than expected. These high lateral stresses at the 
excavated soil surface are the cause of the tensile prop load, which has been generated 
by the lateral stresses forcing the toe of the wall back into the soil on the retained side. 
The maximum recorded tensile load in the bottom prop corresponded to the maximum 
recorded movement of the toe of the wall back towards the retained side. 
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Figure 5.8: S10, 9=0.59 - Lateral stresses and pore water pressures immediately 
after excavation 
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Figure 5.9 S10, H 0.59 - Lateral stresses & pore water pressures 4 years after 
excavation 
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Figure 5.10: S10, H=0.59 - Lateral stress & pore water pressures after 120 years 
From the data presented above, it was clear that the use of H = 0.59 was leading to the 
prediction of high lateral stresses in front of the wall in the short term, forcing the 
wall to move away from the excavation and causing the bottom prop to go into 
tension. This is contrary to the prop loads recorded in the centrifuge tests, presented 
in chapter 3, and also to field measurements of multi-propped retaining walls, Yeow, 
(1994) where compressive loads have been consistently recorded. 
The high lateral stresses generated in the finite element analysis were due to the 
unrealistically high stress ratios (q/p') that can be generated on the dry side of critical 
state, if the Hvorslev surface is significantly less than M, the slope of the critical state 
line. It was decided to increase the slope of the Hvorslev line to H = 0.64, which is 
just less than the slope of the critical state line (M = 0.65). This would practically 
eliminate the zone on the dry side within which stress ratios in excess of critical can 
be generated. However, increasing the slope of the Hvorslev line is disadvantageous 
in that it will lead to the overprediction of heave at the excavated soil surface. 
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Figure 5.11: Schematic representation of Schofield model 
This is shown 5.11, which is a schematic representation of the Schofield model 
boundary surfaces in q:p' space with plastic strain increment vectors in E/Ep' space 
superimposed. It can be seen that adjusting the slope of the Hvorslev state boundary 
line will alter the angle of the plastic strain increment vector. The smaller the angle u, 
the smaller the prediction of heave will be due to lower values of volumetric strain 
calculated during yielding. 
Figure 5.12 shows that the calculated heave is very sensitive to the slope of the 
Hvorslev line. This sensitivity is particularly noticeable when comparing the heave 
profiles calculated with H = 0.62 and H = 0.64 in Figure 4.12. 
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Figure 5.12: Heave 120 years after excavation 
Clearly a heave into the excavation of 1m is excessive and should be discounted. 
Apart from this, having set the Hvorslev slope to 0.64, other aspects of the modelling 
procedure seem to be satisfactory (in particular the prop loads and bending moments) 
when compared with the centrifuge results As with all soil models, great care should 
be exercised in the interpretation of results, and there will generally be certain aspects 
of the computed output that should not be relied upon. 
In addition, structures such as multi-propped retaining walls would typically include 
the construction, at formation level, of a carriageway slab which would, due to its self 
weight, restrain swelling. This degree of restraint was not present in the standard 
analyses since the props were modelled using discrete elements, to represent 
reasonably closely the props used in the centrifuge model tests. 
5.10 Analysis S10 
A re-analysis of S10 using a Hvorslev slope H = 0.64 was undertaken. Figure 5.13 
shows the development of prop loads. The top prop load reached a maximum of 597 
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kN/m in compression at the end of excavation, with the load reducing over the long 
term to a value of 296 kN/m 120 years after the end of excavation. This was due to a 
degree of wall rotation back into the retained soil as the toe of the wall moved into the 
excavation in the long term. Although the bottom prop load became tensile 
(approximately 50 kN/m) immediately after excavation, a compressive load soon 
developed, increasing rapidly to a maximum value of 569 kN/m 120 years after the 
end of excavation. The initial tensile load in the bottom prop appears to be due to a 
minor shortcoming in the sequencing of the analysis and would not be expected to 
occur in reality. If (as is likely to occur in reality) the negative pore water pressures 
generated on the excavated side were allowed to dissipate to some extent before the 
installation of the bottom prop, it is likely that this initial tensile load would not be 
predicted 
The lateral stresses on each side of the wall immediately after excavation are shown in 
Figure 5.14. Examination of the total lateral stress distributions below formation level 
indicates a net resultant force of approximately 50 kN away from the excavation, 
which is consistent with the tensile force in the prop at this stage. 
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Figure 5.13: S10, H - 0.64 Development of prop loads 
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Figure 5.14: S10. H = 0.64 Lateral stresses & pore water pressures immediately 
after excavation 
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Figure 5.15: S10, H - 0.64 Lateral stresses & pore water pressures 4 years after 
excavation 
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Figure 5.16: S10. H = 0.64 Lateral stresses & pore water pressures 120 years 
after excavation 
Figures 5.14 - 5.16 inclusive show the total and effective lateral stresses and pore 
water pressures at key stages of the analyses. As with the H = 0.59 analysis, the 
greatest difference between the total and effective lateral stresses occur 4 years after 
excavation. However, the net difference between the lateral stresses either side of the 
wall has not unduly affected the performance of the bottom prop further 
demonstrating the influence of changing the slope of the Hvorslev surface. 
Figure 5.17 depicts the calculated total lateral stresses immediately and 4 years after 
excavation for S 1 0, H = 0.64 and H = 0.59. It can be seen that on the retained side 
there is very little difference between the two calculated total lateral stresses 
immediately and 4 years after the end of excavation. However, on the excavated side 
it can be seen that with H = 0.64 the total lateral stresses in front of the wall reduce 
allowing the wall to move forward causing a compressive load to be calculated in the 
bottom prop. For the H = 0.59 analysis, the total lateral stresses increase after the end 
of the excavation process. This is particularly noticeable approximately 2m below the 
excavated surface where lateral stresses were calculated to be in excess of those 
immediately after excavation. The effect of the increased lateral stress on this side of 
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the wall is to force the wall back into the retained soil which results in the calculation 
of a tensile load in the bottom prop. 
Walls of reduced embedment depth will be less affected, in terms of recording tensile 
prop loads (although the compressive loads will be reduced) since the net difference 
between the lateral stresses either side of the wall will still cause the wall move into 
the excavation. Increased embedment depth sees this net difference reverse. 
It is not clear why the total lateral stresses are so sensitive to a change in slope of the 
Hvorslev surface. It may be due to the reduced slope allowing greater scope for high 
stress ratios to be generated (covered earlier in this chapter). However, this clearly 
demonstrates the extreme sensitivity of lateral stresses in front of the wall to the 
Hvorslev parameter in this particular soil model. 
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Figure 5.17: Totaiiaterai stresses for 810, H = 0.59 and H = 0.64 
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Figure 5.18 shows the wall deflections immediately after excavation was completed, 
and at 4 and 120 years afterwards. From the deflected profile of the wall immediately 
after excavation it is clear that rotation has occurred about the top prop during 
excavation, resisted by the embedded portion of the wall. This accounts for the 
change in slope of the deflected profile that occurs 11m down from the top of the 
wall. F our years after excavation, as the pore water pressures have moved 
substantially towards their long-term equilibrium values, softening of the clay in front 
of wall has allowed the toe of the wall to move further into the excavation. Since the 
bottom prop is now effectively restraining the wall at formation level, the movement 
of the toe into the excavation causes a reduction in wall deflection between the props. 
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Figure 5.19: S10, H = 0.64 Wall bending moments 
Figure 5.19 shows the wall bending moment profiles for the same three stages of the 
analysis. Immediately after excavation, a maximum bending moment of 3381 kNmlm 
was calculated 8m below the retained surface. The maximum bending moment 
occurred at the same time as the maximum load in the top prop. This is generally 
consistent with the results of the centrifuge tests. The bending moments reduced in 
the long term as the lateral stresses exerted on the wall by the clay on the excavated 
side reduced as the soil softened with the development of steady state seepage pore 
water pressures. This is consistent with the mechanism described in detail in Chapter 
6. 
Figure 5.20 shows the heave of the excavated soil surface. As already discussed, 
these movements are implausibly high, particularly in the long term. The 
overprediction of heave is probably due to the very high specific volumes associated 
with the low values of p' at and near the excavated surface. 
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Figure 5.21: S10, H = 0.64 Retained surface settlements 
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The retained soil surface settlements are shown in Figure 5.21. It is likely that the 
settlements remote from the wall are overestimated. This is a well known 
shortcoming of the soil models currently available within CRISP. As stated earlier, 
ne\v models which take into account the high stiffness at small strains, as would be 
experienced 32m back from a diaphragm wall, are at present in the final stages of 
development and implementation. Models of this type would probably produce a 
profile with very little settlement at the edge of the mesh, provided that the boundary 
is sufficiently remote from the wall. 
Figure 5.21 shows the settlement at the key stages used in the presentation of all other 
data for the finite element analyses. Figure 5.22 shows the settlement profile 40 days 
after the start of excavation, normalized with respect to the overall retained height of 
11 m to facilitate comparison with the settlement data from the centrifuge tests. Any 
settlements recorded 40 days after the start of excavation will be due principally to the 
movement of the wall during excavation, rather than to consolidation effects as the 
pore \vater pressures behind the wall reduce as steady state seepage into the 
excavation is established. It can be seen that friction between the wall and the soil is 
effectively restraining the soil adjacent to the wall, with the maximum settlement 
occurring approximately 16.5m back from the wall. It can also be seen that the wall 
has moved downward during excavation. At the edge of the mesh, 32.5m behind the 
wall, the calculated settlement is only slightly smaller than the maximum value, which 
is probably rather greater than would occur in reality. 
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Figure 5.22: Analysis S10. H = 0.64 Surface settlement profile 
Stress paths for a representative selection of elements (see Figure 5.24 for element 
locations) are shown in figure 5.23. The stress paths for elements 248, 256, 272 and 
45 are shown in the same quadrant as elements 162, 190, 204 and 110, even though 
the horizontal stress was greater than the vertical stress (q = 0" 1-0" 3). In each case, 
the stress path followed during the excavation stage is essentially vertical, indicating 
undrained loading/unloading. Any change in the direction of the stress path occurs 
after excavation, due to changes in pore water pressures as steady state conditions are 
approached. In the long term, elements 248, 256, 266, 272 and 110 yield on the 
Hvorslev surface while elements 162, 190, 204 and 45 remain in an elastic condition. 
It is questionable whether stress paths generated by finite element analysis can offer 
anything other than evidence of inadmissible stress states, which would indicate 
numerical or programming errors. Such information is generated by the CRISP post 
processing program and can be displayed as a stress state code which is calculated at 
each integration point according to the yield ratio (current value of yield locus/initial 
yield locus). 
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Figure 5.23 Analysis S10, H = 0.64 Selected normalized stress paths. 
• 162 
• 110 
• 190 
• 204 
• 45 
• 248 
• 266 
• 272 
• 256 
Figure 5.24: Location of elements for stress path plots 
136 
0.1 
5.11 Results of Finite Element Analyses 
From the results so far presented, it can be seen that by increasing the slope of the 
Hvorslev line to the same value as the critical state line and using otherwise identical 
soil parameters to those used by White (1989), it was possible to model the principal 
facets of behaviour of a multi-propped embeded wall in a reasonably realistic manner. 
Further finite element analyses were undertaken, corresponding to the centrifuge tests 
carried out, and to extend the scope of the investigation into varying embedment 
depths, construction sequences and changes in the pre-excavation lateral stresses. The 
programme of finite element analyses is detailed in Table 5.3. 
ANALYSIS 
S5 
S10 
S15 
C5 
CI0 
C15 
K5 
KI0 
K15 
CK5 
CKI0 
CK15 
DESCRIPTION 
5m embedment, standard construction sequence, K j = 1 
10m embedment, standard construction sequence, K j = 1 
15m embedment, standard construction sequence, K j = 1 
5m embedment, alternative construction sequence, K j = 1 
10m embedment, alternative construction sequence, K j = 1 
15m embedment, alternative construction sequence, K j = 1 
5m embedment, standard construction sequence, K j = 2 
10m embedment, standard construction sequence, K j = 2 
15m embedment, standard construction sequence, K j = 2 
5m embedment, alternative construction sequence, K j = 2 
10m embedment, alternative construction sequence, K j = 2 
15m embedment, alternative construction sequence, K j = 2 
Table 5.3: Summary of finite element analyses 
The sequence of each analysis, starting with the wall already in place, was as follows: 
Standard Construction Sequence 
1. Top prop bar element added effectively instantaneously. 
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ii. Excavation to -11 m in 2m layers and one 1 m layer over a period of 30 days with 
pore pressures set to zero at the current excavated surface. 
111. Bottom prop bar element added effectively instantaneously. 
IV. Consolidation in the long term with time increments corresponding to 1, 3 and 6 
months, 1 year, 2, 4, 8, 16, 32,64 and 120 years after excavation. 
Alternative Construction Sequence 
i. Excayation to -5m in two 2m layers and one 1m layer over a period of 14 days. 
ii. Top prop bar element added effectively instantaneously. 
iii. Further excavation to -11m in 2m stages. 
iv. Bottom prop bar element added effectively instantaneously. 
v. Consolidation in the long term with time increments corresponding to 1, 3 and 6 
months, 1 year, 2, 4, 8, 16, 32,64 and 120 years after excavation. 
5.12 Initial In-Situ Lateral Stresses 
The initial in-situ lateral stresses were calculated from the estimated stress history of 
the deposit, as outlined in Chapter 2. Two analyses were carried out for each 
construction sequence. The effects of wall installation were represented by a 
reduction in the value of the earth pressure coefficient K from its in-situ value to a 
value of 1.0 over the depth of the wall for the first series of analyses, and to 2.0 for the 
second series. This representation of wall installation effects is not ideal, because it 
extends horizontally across the entire mesh. Nonetheless, it should provide upper and 
lower estimates of the lateral stresses after installation of the wall but prior to 
excavation. Figure 5.25 shows the initial in-situ lateral earth pressure coefficient 
profile, together with the Kj=l.O and Kj=2.0 profiles used as the starting states in the 
analyses. For the second analysis, with the higher pre-excavation lateral earth 
pressure coefficients behind the wall, the lateral stresses were assumed to remain 
unaffected by the installation process where the initial in-situ value of Kj was less than 
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2.0. The in-situ and pre-excavation stresses used in the analyses are summarized in 
Table 5.4. 
o 0.5 1.5 2 2.5 
o+---------+---------+---------+-________ ~------~ 
5 
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15 
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25 
Depth (m) 
KI"1.0 KI= 2.0 
I nltla I In-situ 
value 
Figure 5.25: Initial in-situ lateral earth pressure coefficient profile 
K·=l I K·=2 I 
Depth (m) cr'v = cr'h kN/m"' cr' kN/m.l v cr'h kN/m"' 
0 0 0 0 
4 30.12 30.12 60.24 
6 45.18 45.18 90.36 
9 67.77 67.77 128.08 
11 82.83 82.83 146.60 
19 143.07 143.07 208.88 
30 225.9 225.9 300.47 
Based on y = 17.35 kN/m j 
Table 5.4: In-situ and pre-excavation stresses 
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5.13 Summary of Finite Element Results 
The key results from the finite element analyses are presented in Table 5.5. The 
maximum wall bending moment occurred at the end of excavation and coincided with 
the maximum top prop load. The minimum wall bending moments and maximum 
bottom prop load occurred at the end of the analysis, 120 years after the end of 
excayation. 
Analysis MaxBM BM 
kNmlm* kNmlm® 
Long-term 
S5 2051 -650 
S10 3381 687 
S15 4114 3744 
C5 1361 -876 
CI0 2159 197 
C15 2435 2088 
K5 2795 -1029 
K10 4106 -548 
K15 4606 2450 
CK5 1930 -1322 
CK10 2650 -1149 
CK15 2850 1282 
* ImmedIately after excavatIOn 
® 120 years after excavation 
TOPPROP TOPPROP BTMPROP 
LOAD LOAD LOAD 
kN/m* kN/m® kN/m * 
439 188 
-
596 298 -
671 598 
-
259 88 -
367 195 -
400 360 -
606 297 -
764 310 -
818 529 -
372 140 -
459 143 -
485 322 -
Table 5.5: Summary of finite element analyses results 
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BTMPROP 
LOAD 
kN/m® 
860 
688 
217 
841 
696 
440 
1321 
1372 
1044 
1319 
1363 
1055 
The long-term bending moment values presented in Table 5.5 above provide an 
indication of the overall change in bending moment, but give no indication of the 
shape of the bending moment distribution at the key stages. The following is a 
commentary on the broad trends of the bending moment diagrams exhibited on 
increasing the embedment depth and altering the construction sequence and in-situ 
lateral stresses. 
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Figure 5.26: 5m Embedment depth short and long term bending moments 
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Figure 5.27: 10m Embedment depth short and long term bending moments 
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Figure 5.28: 15m Embedment depth short and long term bending moments 
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Figures 5.26 - 5.28 inclusive show the bending moments immediately after excavation 
and in the long term for all the analyses of walls with 5m, 10m and 15m embedment 
depth. Bending moments calculated immediately after excavation increased with 
embedment depth, with the K j = 2 analyses giving the maximum bending moments, 
and K j = 1 alternative construction sequence analyses giving the smallest bending 
moments in each case. 
In the long term, 120 years after excavation, the embedment depth influenced the 
maximum calculated reverse bending moment. This was due to the bottom prop 
taking larger compressive loads in the smaller embedment depth analyses, consistent 
with the pattern of stresses on the embedded portion of the wall. For the 10m and 
15m embedment depths, the standard construction sequence analyses gave the highest 
long term bending moments, and showed the smallest change in bending moment 
from the short term values. Again, this was due principally to the calculated prop 
loads being lower for the higher embedment depths, which is caused by the movement 
of the wall being resisted by the soil on the excavated side, rather than by the prop. 
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Figure 5.29: 5m embedment depth prop loads 
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Figure 5.30: 10m embedment depth prop loads 
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Figure 5.31: 15m embedment depth prop loads 
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Figures 5.29 - 5.31 inclusive show the development of top and bottom prop loads for 
each wall embedment depth. The maximum calculated top prop load occurs at the end 
of excavation in all cases and increases slightly with embedment depth. The load 
reduces after the end of excavation, although the rate of reduction of load is slower for 
an increased embedment depth. For the 15m embedment depth analyses, a clear 
difference between the top prop loads calculated in the standard and alternative 
construction sequence is evident, in contrast to any similar trend for the 5m and 10m 
embedment depth analyses. 
The overall pattern of bottom prop load is similar for all embedment depths with the 
K j= 2 analyses calculating greater prop loads. The 10m, Kj = 2 bottom prop loads are 
higher than the 5m, K j = 2 analyses although this is reversed for the K = 1 analyses. A 
slightly different situation arises for the 15m embedment depth with lower bottom 
prop loads being calculated generally, particularly for the K j = 1 analyses. For both 
S 1 0, K j = 1 and SIS, K j = 1 the bottom prop initially goes into tension. Since the 
tensile load calculated for S 1 0 (36 kN/m) occurred soon after excavation 
(approximately 6 months) the overall effect on the long term performance of the prop 
was marginal, with the long term prop load almost the same as the long term prop 
load for CIO; a feature of the 5m embedment analysis. In contrast, the long term 
calculated prop load for SIS is approximately 200 kN/m lower than the CIS analysis. 
A possible reason for the calculated tensile load has already been discussed, but it can 
be seen that the effect of the tensile load being calculated significantly later after 
excavation (4 years) has been to cause a distortion in the overall trend of the 
calculated bottom prop loads, in this case (S 15). 
Figures 5.32 - 5.34 inclusive show the 40 day settlement data normalized with respect 
to embedment depth. It can be seen that for all embedment depths, the settlements 
calculated in the alternative construction sequence analyses were greater than in the 
corresponding standard construction sequence case. This is consistent with 
settlements due to the outward movement of the crest of the wall when the prop is not 
installed until the excavated depth is 5m below the retained surface. The shape of the 
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alternative construction sequence settlement profile is also consistently slightly 
different for all embedment depths, with the maximum settlements being recorded 
closer to the wall (x/h = 1.0) than for the standard construction sequence. All the 
analyses with K j = 2 calculated smaller settlements than the correspondng K j = 1 case. 
This is due to the assumption that the soil stiffness is proportional to the average 
effective stress p', which is directly influenced by the higher horizontal stresses used 
in the K j = 2 analyses. 
The principal trend detected from the settlement graphs is that greater settlements are 
calculated for the walls of 5m embedment depth. The 10m and 15m embedment 
depth analyses calculated reduced settlements although there was virtually no 
difference between the calculated settlements for these two embedment depths. This 
is consistent with the notion that the 5m wall is rather closer to failure until the bottom 
prop is in place. 
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Figure 5.32: 5m embedment settlement profiles 
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Figure 5.34: 15m embedment depth settlement profiles 
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Chapter 6 
Finite Element Analysis Results & Comparison 
With Centrifuge Test Data 
6.0 Introduction 
The results of the finite element analyses, presented in the previous chapter, are 
discussed with particular reference to the effects of embedment depth, construction 
sequence and pre-excavation in-situ lateral stresses. The results are compared with 
centrifuge test data presented in chapter 3. 
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6.1 Influence of Embedment Depth 
Table 6.1 shows the maximum bending moments and prop loads calculated in finite 
element analyses 85, 810 and 815, together with the corresponding long tenn values. 
In the finite element analyses, the boundary groundwater regime was the same in each 
case. It may be seen that: 
i. The maximum bending moment and top prop load occur in the short tenn. 
ii. The maximum and long-tenn bending moments and top prop loads increase with 
increasing wall embedment 
iii The largest bottom prop loads occur in the long-tenn 
iv. The long-tenn reduction in top prop load and bending moments becomes less 
significant as the wall embedment is increased, and 
\'. The bottom prop load decreases as the depth of embedment is increased. 
MAXIMA LONG 
TERM 
BENDING TOP PROP BTMPROP BENDING TOP PROP BTMPROP 
MOMENT LOAD LOAD MOMENT LOAD LOAD 
kNmlm kN/m kN/m kNmlm kN/m kN/m 
85 2058 445 0 656 205 817 
S10 3376 597 0 1595 347 569 
S15 4299 671 -88 3881 620 150 
Table 6.1: Summary of standard case key results 
Figure 6.1 shows the nonnalized soil settlement profiles calculated in analyses S5, S 1 0 
and 815. These are all the same shape. As might be hoped, the magnitude of the 
settlement decreases as the depth of embedment is increased. However, the maximum 
settlement is reduced by only about 20% (from 8/h=0.015 to 8/h=0.012) when the 
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embedment depth is increased by a factor of 3 (from 5m to 15m). For the walls of 5m 
and 15m embedment, the calculated settlements are in slightly closer agreement with 
those measured in the corresponding centrifuge tests than in the case of the 10m 
embedment wall. However, the calculated settlement profiles are perhaps more 
uniform than those measured, especially in the case of the wall of 5m embedment. 
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Figure 6.1: Variation in retained surface settlements/embedment depth 
The results of the finite element analyses confirm the principal features observed in the 
centrifuge model tests, which are that: 
i. Bending moments and top prop loads are greater shortly after excavation than in the 
long term. 
ii. With longer walls, bending moments are increased significantly while loads on the 
bottom props are decreased significantly. However, the benefit in terms of reduced soil 
settlements is not obvious. 
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Figure 6.2: Standard analyses wall deflections 
From the deflected wall profiles for standard case analyses, presented in Figure 6.2, it 
can be seen that the maximum calculated wall deflection reduces with embedment 
depth. Comparing S5 and S 1 0, there is only a 15% decrease in deflection for a factor 
of 2 increase in embedment depth. The maximum wall deflection for S 15 is 48% less 
than that for S5. It can also be seen that the principal mode of wall deflection is 
rotation of the wall about the top prop during the excavation phase of the analyses, 
with installation of the bottom prop successfully limiting further movement of the wall 
into the excavation. This implies that the early installation of the top prop is very 
effective in limiting crest movements and the use of temporary props would be 
effective in limiting the overall deflection of the wall (Peck, 1969; Richards & Powrie, 
1994). 
In the case of S5, it can be seen that toe movement is substantially complete 5 years 
after the end of excavation which is in contrast to S10 and S15. In Analysis S15, the 
wall apparently moves back into the retained soil over the 5 years following the end of 
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excavation. This is probably due to the reasons discussed in section 5.9 and IS 
consistent with the tensile loads recorded in the bottom prop soon after installation. 
6.1.2 Influence of Pre-Excavation Lateral Stresses 
Table 6.2 gives the maximum bending moments and prop loads calculated in finite 
element analyses S5 & K5; S10 & KIO; and SI5 & K15, together with the long tenn 
values in each case. Soil settlements for these tests are shown in Figure 6.3. For the 
soil model used, the wall geometry and the range of pre-excavation lateral earth 
pressure coefficient K j investigated, the effect of an increase in K j is to reduce the 
movements slightly. This is consistent with previous analyses by Powrie & Li (l99Ia) 
for a wall propped only at fonnation level, in which an increase in K j from 1 to 2 
resulted in higher bending moments but made very little difference to the wall 
movements. This is because in the Schofield model the soil stiffness is proportional to 
the average effective stress p', so that in the standard analyses any advantage of 
increased stress relief during installation (modelled as a lower pre-excavation earth 
pressure coefficient Ki) was offset as far as wall movements were concerned by the 
correspondingly reduced soil stiffness. If Ki were increased without increasing the soil 
stiffness, the trends noted both by Powrie & Li (1991a) and in this dissertation might 
well be different. 
Table 6.2 shows that the increase in K j from I to 2 in the present analyses resulted in 
significant increases in the short tenn (maximum) bending moments and top prop 
loads. As the depth of wall embedment was increased , the proportional changes in 
bending moment and top prop load became less significant. In the long tenn, the effect 
of the increase in K j depended on the depth of embedment of the wall. Generally, the 
long tenn bending moment became more negative; the top prop load was increased 
significantly in the case of the 5m wall, increased slightly in the case of the 10m wall, 
and reduced in the case of the 15m wall; and the bottom prop loads were all increased, 
by an amount which increased with the wall embedment depth. 
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The results of the finite element analyses are consistent with the general features from 
the centrifuge model test data, in that maximum (short term) bending moments and top 
prop loads tend to increase with K j • The centrifuge test data concerning bottom prop 
loads do not contradict the finite element analysis results. However, the centrifuge test 
data suggest that the effect of an increased K j on soil surface sttlements (Figure 3.35) 
might be more significant than the finite elements analysis results would indicate. This 
is probably because the dependence of stiffness on p' - or more importantly on 0" h - is 
modelled too simply in the finite element analyses. 
+ve MAXIMA +v LONG ~ j TERM 
-ve 
TEST BENDING TOP PROP BTMPROP BENDING TOP PROP BTMPROP 
MOMENT LOAD LOAD MOMENT LOAD LOAD 
kNmlm kN/m kN/m kNmlm kN/m kN/m 
S5 2058 439 0 602/-650 188 860 
K5 2813 612 0 914/-938 297 1321 
S10 3381 596 0 996 298 688 
KI0 4106 766 0 10551-434 310 1327 
S15 4114 671 -88 3744 598 217 
K15 4606 818 -82 1924 529 1044 
Table 6.2: Summary of maximum and long term key results 
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Figure 6.3: Analyses K and S, surface settlement profiles 
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Figure 6.4: High K analyses wall deflections 
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F or the K5 analysis, increasing the in-situ lateral stress K j resulted in wall deflections 
(Figure 6.4a) that were slightly less than those calculated in the standard analysis. The 
calculated deflections at the toe were approximately 11, 7 and 50/0 less than those 
calculated in the standard analysis immediately,S years and 120 years after excavation 
respectively. Again, the majority of wall movement into the excavation occurred by 5 
years after the end of excavation, with an increase in wall movement (following 
excavation) of 140/0 being calculated at 5 years, compared with a change of 20% in the 
long term. 
Increasing the initial in-situ lateral stress might be expected to result in the calculation 
of higher wall deflections, due to the increased stress relief during the excavation stage. 
How'ever, as stated earlier, CRISP uses the pre-excavation stresses to calculate the 
initial average effective stress p', which results in a significantly stiffer clay and 
reduced wall deflections in the high K analyses. The influence of this increased soil 
stiffness can be more clearly seen in the wall deflections calculated immediately after 
excavation in the analyses K 10 and K 15. In the case of the analysis K 10, the wall 
deflection immediately after excavation is approximately 15% less than the calculated 
deflection at the same stage for analysis S 1 O. However, there is then an increase in 
deflection of approximately 1000/0 for Kl 0 in the long term compared with an increase 
of 52% for S10. Similarly, analysis K15 calculated significantly higher increases in 
deflection as long term conditions were approached than S15, although no wall 
movement into the retained soil (as in analysis S 15 after 5 years) was calculated. 
Although not solely associated with an increase in in-situ lateral stress, but made 
evident by the wall deflections calculated in the long-term, perhaps the most 
significant point of the data presented is that the largest bending moments occurred 
shortly after (ie within twelve months of) excavation. This feature was common to all 
centrifuge tests and finite element analyses, and has considerable implications for 
design and practice. A probable explanation for this behaviour is as follows: 
1. During excavation with the prop at the crest only, the wall rotates about the position 
of the prop, and bends in response to the prop load and the lateral stresses exerted by 
155 
the soil. The deflected shape of the wall is convex, ie the exposed surface of the wall is 
in tension (Figure 6.Sa). 
6.5a 6.5b 
Figure 6.5: Wall deformations 
2. In the long term, the total lateral stresses exerted on the embedded portion of the 
wall by the soil in front are reduced as softening takes place. This allows the toe of the 
wall to move outward, reducing the curvature of the wall and hence the bending 
moments. Further rotation of the wall is prevented by the bottom prop, but the bottom 
prop load would be expected to increase to compensate for the reduction in total stress 
in the soil in front of the wall (Figure 6.Sb). 
6.4.3 Influence of Propping Sequence 
Table 6.3 gIves the maximum and long term bending moments and prop loads 
calculated in finite element analyses SS & CS; SIO & CIO; and CIS & CIS. Soil 
settlements are shown in Figure 6.S. As would be expected, the effect of the alternative 
construction sequence is generally to increase soil movements, but to reduce structural 
loads in both the short-term and the long-term. This is consistent with the behaviour 
observed in the centrifuge tests on walls of Sm embedment (CKS and SS). It has 
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already been mentioned that the measured maximum bending moment in centrifuge 
test C 1 0, which was greater than that measured in test L 1 0 and S 1 0, was anomalous. 
The minor exception to this trend is in the case of the wall of 15m embedment, for 
which the bottom prop load is increased (from 88kN/m in tension to 114kN/m in 
compression in the short term, and from 150kN/m to 361kN/m in the long term: see 
Figure 5.32, section 5.13). Overall, the long term bottom prop load decreases less 
significantly as the embedment depth is increased when the revised construction 
technique is adopted. 
~ MAXIMA +v LONG 
D ~ TERM 
-ve 
TEST BENDING TOP PROP BTMPROP BENDING TOP PROP BTMPROP 
MOMENT LOAD LOAD MOMENT LOAD LOAD 
kNmlm kN/m kN/m kNmlm kN/m kN/m 
S5 2051 439 0 602/-650 188 860 
C5 1361 259 0 248/-876 88 841 
S10 3381 596 0 996 298 688 
CI0 2159 367 0 798 195 696 
S15 4114 671 0 3744 598 217 
C15 2435 400 0 2088 360 440 
Table 6.3: Summary of maximum and long term results 
157 
Distance from wall, x1h 
o 
3 2.5 2 1.5 1 0.5 
-0.005 
515 5: 
~ . 
510 i.: 
,,: .. ' 
55 .' • 
" . 
-0.01 
C15 ,::,' ,II 
C1 0 !.~.~.~.~.~.~:::::::::::::::::::::: ... :::.... ,.:',' ... 
C5 •....•..••••...••..••••.••• :::: ::::'~~~~~~~~!~:'~:'~~::::::::::i':::::::::::!:::::~ ~~:: ..-
...... " 
.................... 
-0.015 
-0.02 
-0.025 
Settlement, o/h 
Figure 6.5: Analyses C and S surface settlement profiles 
According to the finite element analyses, the use of the revised construction sequence 
reduces maximum bending moments by 35-45%, and maximum top prop loads by 
about 40%. It increases the maximum soil settlement by 30-40%, while closer to the 
wall (xIh<l), settlements are increased by a factor of 2 or more. Both the reduction in 
maximum bending moment and the increase in soil settlement are proportionately 
more significant for deeper walls. It is also worth noting that the magnitude of the 
negative bending moment below formation level, for the walls of 5m embedment, is 
increased from 650kNmlm to 876kNmlm by the use of the alternative construction 
sequence. 
Generally, the reduction in structural loads resulting from the use of the alternative 
construction sequence was less significant in the centrifuge model tests than in the 
finite element analyses, while the increase in soil settlements was more pronounced. 
This may be the result of the practical difficulties of exercising close control over the 
centrifuge models, or it may be a reflexion of the soil model used in the finite element 
analyses, which does not take into account the strain dependent stiffness of the soiL 
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Chapter 7 
Calculation of Prop Loads Using Empirical 
Methods & Comparison with Test Results 
7.0 Introduction 
In this chapter, prop loads for a wall having the same geometry and ground 
conditions as the centrifuge model are calculated using a number of empirical 
methods. The results are then compared with the prop loads obtained in the 
centrifuge tests and calculated by finite element analyses. These results are also 
compared with field data. 
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7.1 Calculation of Prop Loads using Empirical Methods 
Multi-propped retaining walls are often designed using empirical methods, 
because they are statically indeterminate, as mentioned in Chapter 1. One of the 
most widely used methods for determining the prop loads in a multi-propped 
excavation is the pressure envelope approach suggested by Terzaghi and Peck 
(1967: also Peck 1969). This is shown in Figure 7.1. The method is based on 
observed prop loads in deep excavations, and has been developed for a number of 
soil types; notably sands and soft and stiff clays. For clays, the first step is to 
calculate a stability number N: 
N = yH 7.l 
'tu 
,,-here H is the retained height, y is the unit weight of the soil and 'tu is the 
undrained shear strength representative of the clay beside and beneath the 
excavation, to the depth where a general shear failure would occur. The 
significance of the stability number N is that it is used to estimate the width of the 
pressure envelope and increases as the depth of the excavation increases. If the 
stability number is less than 4 Peck (1969) states that clay adjacent to the 
excavation should be in a state of elastic equilibrium and proposed the apparent 
pressure envelope in Figure 7.1. Stability numbers in excess of 4 indicate the 
potential for plastic zones to develop near the base of the excavation and require a 
modified apparent pressure envelope to assess prop loads. 
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Stiff - Fissured Clays 
t 
O.25H 
O.5H 
O.25H 
O.2YH - O.4YH 
Figure 7.1: Apparent pressure diagram (after Peck, 1969) 
In order to calculate the stability number N, it is neccessary to estimate a value of 
'tu' For the finite element analyses, a theoretical value of 'tu may be calculated 
from the stress history. The current value of specific volume v, is first calculated 
using the Cam clay model: 
, 
v = (r+A-K) - A lnp' + K In p omax omax , p 
7.2 
1 
where p' = 3 (a' v + 20' h) 
This allows the calculation of p' cs; the value of p' on the critical state line at the 
current specific volume 
p' cs = exp(r -viA) 7.3 
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and hence the undrained shear strength 'tu: 
7.4 
On the basis of the Schofield soil model parameters used in the analyses, detailed 
in Table 5.1, (Section 5.6), the undrained shear strengths at various depths have 
been calculated according to Eqns 7.2 - 7.4. These are presented in Table 7.1. 
Depth (m) p' , P omax V , Pes 'tu 
0 0 2021 - 0 0 
4 30.8 2086 1.98 403 131 
11 82.8 2200 1.92 513 167 
19 143.1 2330 1.88 602 195 
30 225.9 2508 1.84 706 230 
Table 7.1: Theoretical undrained shear strengths from finite element 
analyses parameters 
Alternatively, the undrained shear strength of kaolin clay used in the centrifuge 
model tests may be calculated according to an empirical relationship suggested by 
Phillips (1986): 
~ = 0.19 OCRo.67 
cr' v 
7.5 
However, Phillips' data are at low overconsolidation ratios. On the basis of tests 
on kaolin specimens with higher OCR's, Powrie (1986) suggested: 
~ = 0.22 OCR°.49 
cr' v 
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7.6 
Undrained shear strengths calculated according to Equations 7.5 and 7.6 are given 
in Table 7.2. 
Depth (m) 0" v OCR= 1250 tu(Phillips) tu(Powrie) 
0" v 
0 0 00 0 0 
4 30.8 40.6 70 42 
11 82.8 15.1 97 69 
19 143.1 8.7 116 91 
30 225.9 5.5 135 115 
Table 7.2: Undrained shear strengths for centrifuge tests 
From Tables 7.1 and 7.2, it can be seen that a minimum shear strength of 
approximately 100 kN/m2 was calculated at the level of the bottom prop. This 
value was therefore used in the stability number calculation. The discrepancy 
between the values of tu presented in Tables 7.1 and 7.2 is due to the high values 
of p' omax calculated for the Schofield model. It should also be noted that for stiff 
clays tu does not feature directly in the apparent pressure distribution envelope, so 
that the calculation of prop loads is insensitive to tu. The resulting prop loads are 
presented in Table 7.3. 
An alternative method of calculating the prop loads in a multi-propped excavation 
is given by Williams & Waite, (1993). This method involves a step-by-step limit-
equilibrium analysis of each stage of the excavation, with hinges introduced at 
each prop position below the top prop so that each span may be analyzed as a 
simply-supported beam. In the application of this method to the centrifuge model 
tests, the long term seepage condition was assumed. Pore water pressures at the 
wall were calculated using the linear seepage method (Symons, 1983). Fully 
active and passive conditions were assumed, based on $' = 8 = 22° giving Kp = 3.2 
and Ka = 0.38 respectively (Caquot & Kerisel, 1948). For the wall and support 
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geometry investigated in the centrifuge model tests and the finite element 
analyses, the application of this method is shown in Figure 7.2. 
Active 
~A------~--__ ~ 
P2B---....... ---~ B 
Passive 
Pore water pressures based 
on linear seepage model 
(Symons, 1983) using full 
depth of embedment. 
P2 is total load in second prop 
where P2 = P2A+ P2B 
C 
dIe is depth of embedment 
required for moment equilibrium 
of BC about B, assuming fully 
active and passive pressures 
behind and in front of wall. 
h 
dIe 
Figure 7.2: Limit equilbrium analysis method (Williams & Waite, 1994) 
The main drawback with both of these methods is that, as conventionally applied, 
fully active conditions behind the wall are assumed. This may not be applicable 
for a clay soil, in which the pre-excavation lateral stresses might be comparatively 
high. Also, it makes no allowance for construction s~quence effects, which have 
been shown in the model tests and finite element analyses to influence 
significantly the structural loads in the wall and props. This means that the 
empirical methods cannot be correct in all cases. Where wall movement is 
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allowed, so that structural loads are reduced the empirical methods may be 
overconservative. Where the wall is well propped during excavation, so that 
structural loads are high the empirical methods may be unsafe. 
In the Williams & Waite (1994) method, a further reason for the discrepancy in 
the calculated prop loads is the assumption of a hinge at the bottom prop. The 
effect of this hinge is to increase significantly the embedment depth required for 
long tenn equilibrium. As indicated in Table 7.3, the portion of the wall below 
the bottom prop was not stable in the long term in the case of the wall of 5m 
embedment , and no prop load was calculated. The wall of 10m embedment depth 
\vas on the verge of instability, with the lateral earth pressure coefficient in front 
of the \vall tending to its passive limit. 
Table 7.3 gives the prop loads calculated for the walls of 5m, 10m and 15m 
embedment, using the procedures outlined above. Additionally, for the analysis of 
the wall in the singly-propped condition, before the bottom prop has been placed, 
the nomograms presented by Bolton, Powrie & Symons (1989 & 1990) were used. 
These assume a unifonn mobilization of soil strength around the wall, rather than 
fully active conditions on the retained side, and should therefore lead to higher 
calculated prop loads. Analysis of the singly-propped conditions has been carried 
out on the basis of a retained height of 11 m. 
165 
5m EMBEDMENT 10m EMBEDMENT 15m EMBEDMENT 
Method Top prop Bottom Top prop Bottom Top prop Bottom 
prop prop prop 
Terzaghi & 
Peck 286 349 286 349 286 349 ( 196 7)Note 1 
Bolton 255 
- 320 - 360 -
Powrie & 
Svrnons (i 989)Note 2 
Bolton Wall not - Wall - 680 -
Powrie & stable barely 
Symons stable 
(1990)Note 3 
\\Tilliams 160 Wall not 180 620 185 550 
&Waite stable 
(1994 )Note 4 
Table 7.3: Prop loads in kN/m calculated using empirical and limit 
equilibrium methods 
Note 1 Using O"hrnax = O.4yH, where H = 11m. Wall propped at crest and 10m below OGL. See 
Figure 7.l. 
Note 2 Short term condition, single prop at crest after Bolton, Powrie & Symons (1989), Figure 
5. 
Note 3 Long term condition, single prop at dredge after Bolton, Powrie & Symons (1990). 
Note 4 Ciria special publication 95, Williams &Waite (1994). See Figure 7.2 
F or comparison, the maximum prop loads calculated or measured in finite element 
analyses and centrifuge tests are presented in Tables 7.4 and 7.5: 
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Centrifuge Top Prop Bottom 
Test Prop 
S5 707 1225 
S10 687 
-
LI0 607 731 
L15 689 584 
KI0 727 
-
K15 710 772 
Table 7.4: Prop loads in kN/m from centrifuge tests 
Analysis Top Prop Bottom Prop 
S5 439 860 
S10 596 688 
S15 671 217 
K5 606 1321 
KI0 764 1372 
K15 818 1044 
Table 7.5: Prop loads in kN/m calculated from finite element analyses 
It may be seen from Table 7.3 that Terzaghi & Peck's method (using O'hmax = 
O.4yh) gives significantly lower prop loads than those measured in the centrifuge 
model tests or calculated using finite element analysis, Table 7.4 and Table 7.5. 
The top prop loads are also underpredicted by the Bolton, Powrie & Symons 
(1989) short term nomogram, based on a uniform mobilization of soil strength. 
For the wall of 15m embedment, the Bolton, Powrie & Symons (1989) long term 
nomogram gives a better estimate of the top prop load, but this must be considered 
entirely fortuitous because the 5m and 10m walls are unstable under the 
conditions assumed in the analysis. The limit equilibrium analysis with a hinge at 
formation level gives reasonable results for the bottom prop loads, but again this is 
coincidental: the top prop loads are grossly underpredicted. 
James & Jack (1976) proposed a method for determining prop loads in a multi-
propped wall, using the same lateral pressure envelope as the Terzaghi & Peck 
(1969) trapezoidal method to establish a basic pressure distribution down the wall. 
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However, rather than using the envelope to detennine the maximum forces in the 
props, the wall is analysed stage by stage simulating the excavation process. Each 
stage of wall construction is analysed assuming an equivalent single-tied wall. 
This requires that the centre of rotation is calculated for each new embedment 
depth. 
This method, although shown to produce tie forces (or prop loads) in reasonable 
agreement with alternative methods (James & Jack, 1975) and experimental 
results of 1 g scale models, is cumbersome. It requires an iterative procedure to 
establish the equivalent lever ann for the tie system under consideration and 
therefore requires the use of computer based methods to provide speed and 
accuracy of use. 
In summary, none of the simple or empirical methods gIves a satisfactory 
correlation \vith the prop loads measured in the centrifuge tests or calculated using 
finite element analyses. This is because in general, the limit equilibrium analyses 
assume fully active conditions in the retained soil, and probably overestimate the 
degree of lateral stress reduction that takes place during excavation. Once the 
bottom prop has been placed, the structural system may be very stiff, and the 
opportunity for further stress relief minimal. 
7.2 Calculation of Prop Loads from Centrifuge Bending Moment Data 
Assuming a linear stress distribution as shown in Figure 7.3, the mobilized 
internal angle of friction ~' was back calculated for the standard case centrifuge 
tests. Due to the indeterminacy of the structure, the measured bending moment at 
the bottom prop position together with the measured pore water pressure 
distribution were used as input parameters to the calculation. The measured pore 
water pressures were required to calculate the vertical effective stresses (based on 
a unit weight y = 17.35 kN/m3 ). A mobilized internal angle of friction ~' mob can 
be calculated by taking moments about the bottom prop position for the lower half 
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of the wall, if it is assumed that the value of ~' mob is the same on both the active 
and passive side. The passive and active pressure coefficients were obtained from 
Caquot & Kerisel (1948) assuming 8=~' mob. Once the value of ~' mob had been 
determined, the prop loads were calculated by taking moments about the top prop 
and then applying the condition of horizontal equilibrium. These are presented in 
Table 7.6, together with the calculated values of ~' mob. In addition, the values of 
CP'mob on the excavated side, assuming ~' mob = ~' erit on the retained side; and cp'mob 
on the retained side, assuming ~' mob = cp' erit on the excavated side were also 
calculated. These values, and the associated prop loads, are given in Tables 7.7 
and 7.8 respectively. 
----r-! ---------:Jr4--- P1 
u 
, 
Z 
M 
uL-------"--'-'---'-4--- ~ 
F--
----F 
M 
cr' h 
cr' h u 
Figure 7.3: Free body diagram of retaining wall 
It can be seen from Table 7.S that there is reasonable agreement between the prop 
loads calculated in the finite element analyses and the above method for the ISm 
embedment depth wall. However, the prop loads calculated for the walls of Sm 
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and 10m embedment depth were significantly lower in the top prop than that 
calculated in the finite element analyses. 
TEST TOP PROP BTMPROP ~' mobilized 
kN/m kN/m 
S5 148 (707) 905 (1225) 22° 
S10 377 (696) 1062 (-) 18° 
SIS 729 (689) 768 (584) 17° 
, Brackets denote prop loads measured m centrIfuge test lll1medtately after excavation 
Table 7.6: Calculated prop loads 
TEST Ka (corresponding ~')* TOP PROP BTMPROP 
kN/m kN/m 
S5 0.38 (22°) 148 905 
S10 0.62 (10.5°) 607 969 
SIS 0.63 (10°) 498 1061 
*Kp calculated usmg ~'=22° 
Table 7.7: Range ofKa & calculated prop loads 
TEST Kp (corresponding ~')* TOP PROP BTMPROP 
kN/m kN/m 
S5 3.26 (22°) 148 905 
S10 2.26 (16°) 589 792 
SIS 2.l8 (15.5°) 648 697 
*Ka calculated using ~'=22° 
Table 7.8: Range of Kn & calculated prop loads 
One reason for the discrepancies between the measured and back-calculated short 
term prop loads was the the measured pore water pressure distribution used to 
determine (yz-u)and hence a\ (Caquot and Kerisel calculate a\ = Ka or Kpx(yz-
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u)). In particular the pore water pressures measured on the excavated side 
immediately after excavation in the centrifuge tests were significantly higher than 
expected, due possibly in part to a slow transducer response (discussed in detail in 
chapter 3). There is no real scope to allow for this discrepancy in the pore water 
pressure readings, as it has been previously demonstrated that the measured 
bending moments (also used in the back analysis) are highly sensitive to pore 
\vater pressures. The effect of any assumed discrepancy in pore water pressures 
on the bending moments would therefore be difficult to quantify. It can be seen 
that overall, the use of a simplified linear stress distribution in the back calculation 
of prop loads was satisfactory for walls of deeper embedment depth. The 
simplified linear stress distribution may however, be one of the reasons for the 
underestimation of top prop loads for walls of shallower embedment depth. 
7.3 Comparison of Observed Prop Loads with Empirical Methods 
It has been appreciated for some time that prop loads observed on site may be 
significantly lower than those calculated at the design stage, for example Glass & 
Powderham (1994) and Yeow (1994). This may be due to a number of reasons. 
Design loads are not necessarily a straightforward prediction of the loads likely to 
be encountered by the prop during the life of the structure. The anticipated loads 
may be factored to allow some margin of safety against the unexpected, for 
example in a multi-propped structure to allow for the failure of a single prop. 
There are also design considerations regarding the use of the wall that may lead to 
higher prop loads being calculated, such as the control of surface settlements 
behind the wall. 
Glass & Powderham (1994) detail the typical retaining wall geometries and prop 
loads observed during the construction of the Limehouse Link project. The 
simplified geometry of the retaining wall at chainage 490 (Limehouse Basin) was 
a 19m deep temporary retaining wall constructed from from I.22m diameter steel 
tubes on the north side and sheet piling of similar depth on the south side. A 
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temporary top prop was installed 3m below the original ground level. A bottom 
temporary prop was installed 10m below OGL during excavation to formation 
level, approximately 15m below OGL. Simplifying the retained soil conditions to 
be London Clay down the entire depth of the retaining wall (and assuming 'tu to be 
approximately 175kN/m2) Terzaghi & Peck's (1967) method leads to the 
calculation of prop loads of 262kN/m in the top prop and 383kN/m in the bottom 
prop. These compare favourably with the observed loads of 250kN/m in each 
prop. 
Observations on temporary prop loads at the A4061 Al 0 junction underpass and 
were presented by Yeow (1994). The wall was constructed from 13.5m deep stiff 
'TO panel sections (3.8x107 kNm2/m), with a tubular steel temporary prop installed 
1.5m below the retained surface. A permanent prop at carriageway level was 
constructed 6.3m below the retained soil surface. Again, using Terzaghi & Peck's 
( 1967) empirical method, prop loads were calculated on the assumption that the 
wall \vas retaining London Clay down its entire depth. The calculated prop loads 
were small; 76kN/m for the temporary prop and 43kN/m for the permanent prop. 
The maximum recorded prop load was 466kN/m, which occurred some time after 
the permanent prop had been constructed. The load recorded in the prop 
immediately after excavation to formation level and before the installation of the 
permanent prop was 203kN/m, which is still significantly higher than the value 
calculated using Terzaghi & Peck's (1967) empirical method. 
Yeow (1994) also presented prop load data obtained by Hutchinson at three 
separate sites involving three different wall installation and excavation techniques. 
At the A406 Chingford site, results from three sections of the wall were presented. 
In the contiguous bored pile wall section the ratio of recorded/design prop loads 
was 28-82%. At a section of the wall where a 'softer' propping sequence was 
used, due to space constraints, the ratio of recorded/design prop loads was 19-
39%. The difference between these figures might indicate the influence of the 
stiffness of the wall in determining prop loads. Another section of the wall, which 
was constructed using a diaphragm wall, generated prop loads between 0.7 and 
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1.3 7 times their design loads. Again, this may be due to the overall structure 
being significantly stiffer than the piled wall design used elsewhere on the site. 
The A406 Chingford observed prop loads seem to indicate that higher prop loads 
are associated with stiffer walls. Well-propped walls would also be expected to 
give higher prop loads since, in both cases, deformation behind the wall is being 
limited. The close comparison of the observed and calculated prop loads at the 
Limehouse Link project may be due to the softer propping sequence employed in 
that case. The top prop was installed 3m below formation level, which may have 
allowed soil movements and a reduction in prop loads. The standard centrifuge 
tests certainly employed a stiff propping sequence with the top prop being 
installed at the very start of excavation. There would, in reality, have to be some 
excavation (say 1m) prior to the installation of a top prop. It is possible that the 
early installation of the top prop in the centrifuge tests may be limiting wall 
movement to such an extent that the prop loads are increased significantly. In this 
context, Hutchinson's estimation from the observed data at the A406 site at 
Chingford that ground movements of approximately 1 mm behind the wall prior to 
the installation of the props could cause the recorded prop loads to be halved 
(Yeow, 1994) is quite relevant. 
In addition, the results of Kastner &Lareal (1975) seem to reinforce the view that 
the Terzaghi & Peck (1967) method could underestimate prop loads for stiff walls 
or stiff structures resulting from the early installation of the propping system. 
Kastner & Lareal, (1975) presented the results of a detailed study of multi-
propped diaphragm walls (EI = 6x105 kNmlm) of 4.2m embedment depth and 7m 
retained height. The retained soil was an alluvial gravelly sand (y = 21.5 kN/m3) 
with the water table approximately O.7m below the retained surface. The study 
was undertaken as part of the preliminary works to establish a working method of 
construction, in highly permeable alluvium, for the Lyon underground railway 
scheme. 
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An experimental enclosure 56m long and 8.3m between the walls was constructed 
using six instrumented central wall panels per wall. The two outer wall panels 
were guard panels for the four inner measuring wall panels. Each panel was 
propped at 7 levels using two props at each level with a vertical spacing of 1 m 
(Figure 7.3). The construction sequence allowed the props to be installed with 
minimum movement of the wall giving a rigid structure at all stages of the 
excavation. Each prop contained a hydraulic jack to control forces on the wall and 
a differential transformer sensor allowing the distance between the two walls to be 
measured. 
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Figure 7.4: Wall and Instrumentation arrangement (after Kastner &Lareal, 
1975) 
I t was found that the average load in the props (over the four central measuring 
panels) at the end of the excavation and installation phase was in close agreement 
with the stress envelope given by Peck (1969). However, further examination of 
the prop loads revealed that the maximum value recorded by each prop as 
excavation progressed was significantly in excess of this. The prop at level 3 was 
more than four times the value predicted by Peck's method (1969). This was 
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caused, to a great extent, by some props taking over the loads of their neighbours 
due (it was thought) to the rigidity of the strutted wall system. 
Generally, Kastner & Lareal (1975) found that including temperature effects, the 
use of empirical methods underestimated apparent pressures of soil and water 
acting on the wall which in turn would lead to underpredicted prop loads. There 
is, however, some ambiguity within Kastner & Lareal, (1975) with regard to the 
average apparent pressure (calculated from measurements from all the 
instrumented panels) and the maximum apparent pressure (measured at any pair of 
props at each level) and the interpretation of these results. It is relevant to include 
these observations on a wall retaining essentially a sand, since it was considered 
that the rigidity of the wall/strut system was responsible for the underprediction of 
strut loads. 
In addition, there is some difficulty in measuring prop loads which result from the 
resistance to soil pressures alone, due to the effects of temperature. Yeow (1994) 
quoting Hutchinson reports recorded changes in prop load of 200-1000 kN for a 
temperature change of 3-35°C. Hutchinson has consistently recorded large 
changes in prop loads with change in temperature at a number of sites (Yeow, 
1994). Yeow (1994) also reported a contribution from TRL on the development 
of lateral wall movement recorded at A4061 Al 0 junction caused by temperature 
changes. The wall movements caused by the expansion of the prop were 
significant, with the crest of the wall rotating back into the retained soil about the 
bottom prop position and the toe of the wall moving into the excavation. This 
rigid body rotation about the bottom prop was probably a consequence of the very 
stiff'T' shaped retaining wall panels used (3.8x1 07 kNm2/m). 
The effects of wall stiffness on the behaviour of a singly propped and anchored 
embeded retaining wall have been the subject of much research (Potts & Fourie, 
1984, 1985: Rowe, 1952, 1955). Rowe (1952) reported the results of a series of 
model tests on anchored sheet pile walls of various stiffness, retaining dry sand. 
175 
Rowe quantified wall stiffness by means of the flexibility p = tt lEI, where H is 
the total height of the wall (d+h), and EI is its flexural rigidity. 
F or walls rigidly propped at the crest, wall deformation occurs partly due to rigid 
body rotation (about the prop) and partly due to bending. Rowe found that the 
lateral stress distribution in front of a wall was influenced by the bending 
component of wall deformation, which is determined by the bending stiffness of 
the \vall. If a wall was stiff, such that the de flexion at dredge level was of the 
same order as the deflexion at the toe of the wall, the stress distribution in front of 
the wall \vas approximately triangular. Flexible walls, such that the deflexion of 
the wall at dredge level was significantly greater than at the toe, caused the 
centroid of stress distribution in front of the wall to raise. This difference in 
stress distribution led to a general reduction in prop loads (Rowe actually used 
unyielding tie-back anchors) and bending moments when compared with 
calculations using (factored) free earth support methods,. This led Rowe to 
establish a moment reduction factor curve (Rowe, 1955) and critical flexibility 
number at which the deflexion at the dredge is equal to the deflexion at the toe. 
Potts and Fourie (1984, 1985) investigated the effect of the flexural rigidity EI on 
wall movements and bending moments for values of pre-excavation earth pressure 
coefficient K j = 2.0 and 0.5 using finite element analysis. Potts and Fourie 
showed, from their analyses, that increased wall flexibility led to reduced bending 
moments and prop loads, but have an implied critical flexibility (below which the 
wall may be considered as stiff) somewhat less than Rowe (1955). This 
discrepancy may be due to the linear elastic soil model used in the analyses which 
did not take account of the change in elastic modulus E, with increase in strain. In 
addition, Potts and F ourie' s analyses required pore water pressures to be set to 
zero in order to replicate Rowe's experiments which were carried out in dry sand. 
In both cases, the absence of groundwater, which contributes greatly to stresses 
either side of the wall, may tend to over-emphasize non-linearities in the lateral 
effective stress distrubutions which may lead to an overestimation of the threshold 
wall stiffness. 
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Chapter 8 
Conclusions 
8.0 Introduction 
A number of conclusions are drawn from the finite element analyses and centrifuge 
testing programmes regarding the influence of embedment depth, propping sequence, 
and pre-excavation lateral stresses on the behaviour of the wall. On the basis of a 
comparison of the prop loads determined by empirical methods, centrifuge testing, 
finite element analyses and field observations, some further thoughts are presented 
and some recommendations for further research are made. 
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8.1 General Conclusions 
The centrifuge model tests and the finite element analyses have shown that, for the 
type of wall studied in this research, bending moments and top prop loads are more 
critical in the short term, soon after excavation, than in the long term after excess pore 
water pressure dissipation. This has considerable implications for design. The 
applicability of this result, however, will depend on the type of wall and the method of 
construction adopted. Different construction sequences and long-term propping 
conditions have been investigated elsewhere (Powrie & Li, 1991 a; Richards & 
Powrie, 1994). Comparison of these results with those from the present research 
suggests that long-term increases in soil/wall movement and bending moments will 
normally be small, as long as the wall is reasonably well supported during excavation, 
and propped at least at formation level in the long term. 
In the centrifuge model tests, the load in the bottom prop developed rather more 
quickly following installation than in the finite element analyses. Again, comparison 
with previous work (Powrie & Li, 1991 a; Richards & Powrie, 1994) suggests that the 
removal of a temporary prop will effectively pre-load a permanent prop at 
carriagew'ay level, leading to the more rapid development of load than suggested by 
finite element analyses in which temporary propping is not modelled. 
8.2 Embedment Depth 
Perhaps the most important recommendation to emerge from the results of the 
centrifuge model tests and the finite element analyses is that the length of a wall must 
be matched to its stiffness. If a wall is deep enough to be stable, increasing the 
embedment without increasing the bending stiffness may not be particularly 
advantageous. Although the bottom prop load will be reduced, bending moments and 
top prop loads will be increased. Ground movements will not be significantly 
affected, because the reduction in the component of movement due to wall rotation is 
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counteracted by the additional movement due to bending. This is in line with current 
thinking on embedded retaining walls in general (Simpson, 1992). 
8.3 Pre-Excavation Lateral Stresses 
The finite element analyses and centrifuge model tests have indicated that maximum 
bending moments and prop loads are in general increased with a pre-excavation lateral 
earth pressure coefficient Ki<2, as compared with Ki<l. In finite element analyses 
using the Schofield model, the effect on soil settlements is very small. In the 
centrifuge model tests, the effect on soil surface settlements was more marked , 
particularly in the case of the wall of 15m embedment, but it is uncertain whether a 
consistent trend was observed. 
8.4 Excavation and Propping Sequence Effects 
In the finite element analyses, the use of an alternative propping sequence, involving 
excavation to 5m below original ground level before installation of the top prop, led to 
lower structural loads and bending moments and larger soil displacements. The one 
exception to this was that the bottom prop load in the case of the wall of 15m 
embedment was increased by the use of the alternative construction sequence. The 
magnitude of the negative bending moment below formation level was also increased. 
The reduction in structural loads resulting from the use of the alternative construction 
sequence was generally less significant in the centrifuge model tests than in the finite 
element analyses, while the increase in soil settlements was more pronounced. While 
this may have been due to the difficulties of exercising close control over the 
centrifuge model tests, a more likely explanation is that the high stiffness of the soil at 
small strains was neglected in the finite element anal~ses. 
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8.5 Finite Element Analysis 
Other considerations apart, empirical methods do not take any account of the 
sequence of excavation and propping, which has been shown to have an effect on 
structural loads and soil movements. At present, the only way in which these factors 
can be investigated theoretically is by finite element analysis. However, due care 
needs to be taken in assessing the effects of idealisations used in the finite element 
representations of construction sequences and build quality (eg lack of fit). It is 
likely that finite element analysis will become increasingly important as a design tool, 
particularly for large and complex excavations associated with prestigious projects. A 
further advantage of finite element analysis over the empirical methods is the ability 
to calculate soil and wall movements, which is also important for civil engineering 
works in already built-up areas. 
Reasonable agreement has been found between the structural loads and soil surface 
settlements measured in the centrifuge tests, and those calculated by finite element 
analysis using the Schofield soil model (Schofield, 1980). Although this does not 
specifically reproduce the high stiffness of soils at small strains following a change in 
the direction of the stress path, it does give a soil modulus that is related to the 
geological stress history of the soil and increases with average effective stress p'. For 
certain wall geometries, however, the specification of a value for the slope H of the 
Hvorslev surface that is significantly less than the slope M of the critical state line has 
led to demonstrably unrealistic behaviour. It is therefore recommended that finite 
element analyses using the Schofield model are carried out with H=M, pending the 
results of further investigations. 
8.6 Empirical Methods 
Simple empirical methods in general lead to the calculation of rather smaller prop 
loads than measured in the centrifuge model tests or indicated by the finite element 
analyses. The approach adopted by Bolton, Powrie & Symons (1990) for walls 
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propped at the crest, in which a uniform mobilization of soil strength is assumed on 
both sides of the wall, led to the calculation of a more realistic top prop load for the 
wall of 15m embedment than the other methods examined. In contrast, the limit 
equilibrium approach described by Williams & Waite (1993) gave bottom prop loads 
more consistent with those measured in the centrifuge tests and calculated using finite 
element analysis for the walls of 10m and 15m embedment. Neither method is 
satisfactory in general, however, because of the predicted low stability of walls of 
shallower embedment depths. The equivalent pressure diagram proposed by Terzaghi 
and Peck (1969) is equally unsatisfactory. Neither Terzaghi and Peck's method nor 
the limit equilibrium method (Williams and Waite, 1993) are able to take account of 
the effects of deeper wall embedment and increased K j values, both of which have 
been shown to lead to increased bending moments and prop loads. In addition, none 
of the empirical methods used was able to allow directly for the effects of wall 
flexibility, although this could be accounted for indirectly by the use of reduction 
curves (Rowe, 1952, 1955). 
8.7 Further Research 
As with any research project, during the course of the work it becomes apparent that 
further research will be needed to clarify and explain certain aspects of the work. 
Further investigations are required to detennine the reasons for the finite element 
analysis results being particularly sensitive to the slope of the Hvorslev line in the 
Schofield model. 
Further centrifuge tests should be undertaken using walls of varying stiffness to 
extend the work of Rowe (1952,1955) in identifying a critical flexibility 
characteristic, and to corroborate the finding of Potts and Fourie (1988). In the latter 
case, centrifuge model tests would overcome the problems associated with the linear 
elastic soil model used by Potts and Fourie (1988). 
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It is difficult to see how a mid-level temporary prop could be incorporated into the 
present centrifuge model due to space constraints. However, it would be useful to 
perfonn such a test to establish the effect of its removal on the pennanent prop loads. 
This would be useful data in the context of finite element analyses already undertaken 
(Richards and Powrie, 1994) and would provide a stiffer propping sequence to 
complement the softer propping arrangement undertaken as part of this research. In 
addition the effects of surcharges on the retained surface on the performance of the 
structure would be useful, particularly in the context of highway retaining structures 
and the increased loads that they are now subjected to. 
The broad agreement between the finite element analyses and centrifuge test data has 
sho\\n that the high prop loads predicted by the finite element analyses will occur, if 
conditions in analysis and actuality are consistent. These include plane strain (no 3-d 
effects) and high ground water level. In addition to effects that the empirical analyses 
are unable to take into account (construction sequence, and wall flexibility), it may be 
that the success of empirical analyses in predicting prop loads in the field is dependent 
on factors such as low ground water level and/or lack of fit (3-d effects are unlikely to 
occur in a long wall). It is clearly unwise to continue to rely on empirical methods, 
which may give satisfactory results only in certain circumstances, for reasons which 
are at best uncertain. This is an issue which must be investigated further, as a matter 
of some priority. Perhaps the best way to achieve this is by the detailed monitoring of 
prop loads on site, coupled with parametric analyses which would enable the effects 
of ground water level and construction sequences to be quantified with confidence. 
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APPENDIX A 
Appended are the papers already published which are the result of research 
undertaken for this dissertation. 
Richards, D J & Powrie, W (1994). Finite element analysis of construction sequences 
for propped retaining walls. Proceedings of the Institution of Civil Engineers, 
Geotechnical Engineering 107(4), Oct., pp207-216 
Powrie, W. Richards, D J & Kantartzi, C (1994). Modelling diaphragm wall 
installation and excavation processes. Proc. Int. Con! Centrifuge '94 (ed Leung, C F, 
Lee, F H & Tan, T S) pp655-661. Rotterdam. Balkema. 
In addition, papers currently in preparation include: 
Behaviour of twin-propped retaining walls: centrifuge model tests. 
The use of the Schofield model in analysing walls of varying embedment depth. 
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Finite element analysis of construction 
sequences for propped retaining walls 
D.]. Richards, BEng. and W. Powrie, MA, MSc, PhD, CEng, MICE 
• A series of finite element analyses has 
been carried out, in which the effects of 
the construction sequence and pre-
excavation lateral earth pressures on the 
behaviour of an in-situ retaining wall 
propped at both crest and formation level 
in a clay soil were investigated. Three 
sequences of construction were con-
sidered: excavation in open cut with a 
temporary prop at approximately mid-
depth; top down construction with a tem-
porary prop at mid-depth; and top down 
construction with no temporary prop. The 
early installation of the permanent prop 
at the crest was found to be very effective 
in limiting wall movement at this level. 
Minimum wall movements occurred with 
top down construction using temporary 
props. Minimum bending moments 
occurred with construction in open cut, 
but wall movements were largest in this 
case. In addition to limiting wall move-
ments during excavation, temporary 
props are advantageous in that their 
removal will effectively pre-load the per-
manent prop at formation level. Bending 
moments, and the component of wall 
deHection due to flexure, are largest in the 
case of the top down construction 
sequence without temporary props, 
because the permanent prop takes compa-
ratively little compressive load. However, 
the reduced permanent prop load may be 
due to soil/prop interaction effects. These 
considerations, together with the implica-
tions for cost and safety, will influence the 
programming of excavation and construc-
tion sequences for propped retaining walls 
in practice. 
Introduction 
Underpasses and deep basements in urban 
areas are increasingly constructed from the top 
down, between retaining walls installed using 
in·situ techniques. These methods are particu· 
larly useful where the land available for tempo· 
rary works activities is restricted. The 
incorporation into the permanent structure of 
props at formation level has been shown to be 
advantageous, in that the depth of embedment 
required for stability is comparatively small 
(Powrie and Li, 1991).1.2 In a structure such as 
a road underpass or a tunnel, it may also be 
possible to utilize the over bridge or the tunnel 
roof as a permanent prop at crest level. This 
will result in a structural system in which col· 
lapse is unlikely to be an issue, but whose statio 
cal indeterminacy may lead to problems in 
estimating prop loads and wall bending 
moments. 
2. A further consideration is that substan· 
tial savings in cost may be made by the judi· 
cious specification of the sequence of 
excavation and prop installation (perhaps 
including temporary props) between the side· 
walls of the underpass or the tunnel. The 
design might be governed by the need to limit 
deformations during construction, which could 
call for the crest level prop to be installed at the 
earliest opportunity. On the other hand, the 
problems associated with working in a confined 
space might militate against this, so that exca· 
vation to formation level in an open cut, with 
the provision of temporary props at one or more 
levels, might be preferred. However, the poten· 
tial dangers of placing and removing large, 
hea vy temporary props would require their use 
to be kept to a minimum. 
3. The influence of the sequence of excava-
tion and propping during the construction of an 
underpass with a retained height of approx-
imately 9·5 m has been investigated by means 
of a series of finite element analyses carried out 
using the program CRISP (Britto and Gunn, 
1987),3 which features fully coupled consoli-
dation. The soil parameters used represented a 
stiff, overconsolidated boulder clay, and were 
chosen to facilitate comparison with previous 
work (Powrie and Li, 1991).1 
Geometry and construction 
sequences investigated 
4. Figure 1 shows an idealized cross-section 
through the underpass structure modelled in 
the finite element analyses. The finished road 
surface is 9·55 m below the original ground 
level (OGL). The side walls of the completed 
tunnel are propped at both crest and carriage-
way level as indicated. The connections 
between the props and the wall were assumed 
to be incapable of transmitting bending 
moments. For a formation level reinforced con-
crete prop slab which is cast up against the 
retaining wall, this will lead to the over-
prediction of wall movements and bending 
moments (Powrie and Li, 1991).1 However, the 
neglect of the self-weight of the higher level 
props will have the opposite effect. 
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Fig. 1. Idealized 
cross-section through 
underpass (not to 
scale) 
W ~ T -1-0 m 
Bar element 0 m 
\7 installation of a 0·75 m thick permanent 
reinforced concrete prop slab. 
, 
I--
I 
Bar element -5m 
6. The overall depth (retained height plus 
embedment) of the wall was 20 m in all cases. 
In reality, the self-weight of a reinforced con-
crete prop slab at crest level would be signifi-
cant, and the side walls of the underpass would 
~ SZ 
I 
-9-55 m 
SJ 
-10-3 
./ 
""-Concrete prop SZ 
~ Walls 1-2 m thick I -20m 
'-
18 m 
5. Three different construction sequences 
were investigated: 
SZ 
(a) Construction in open cut, with one level of 
temporary props. Excavation to 5·5 m 
below OGL; installation of temporary 
props at 5 m below OGL; excavation to 
10·3 m below OGL; installation of a 0·75 m 
thick reinforced concrete permanent prop 
slab; installation of the permanent props at 
crest level; removal of the temporary 
props. 
(b) Top down construction, with one level of 
temporary props. Excavation to 2·2 m 
below OGL; installation of the permanent 
props at crest level; excavation to 5·5 m 
below OGL; installation of temporary 
props at 5 m below OGL; excavation to 
10·3 m below OGL; installation of a 0·75 m 
thick permanent reinforced concrete prop 
slab; removal of the temporary props. 
(c) Top down construction without temporary 
props. Excavation to 2·2 m below OGL; 
installation of the permanent props at crest 
level; excavation to 10·3 m below OGL; 
Table 1. Soil parameters used in the analysis 
Parameter 
m probably be required to carry this load. To 
facilitate comparison with previous analyses, 
the vertical loads transmitted to the walls by 
the crest level props have been ignored. It must 
be appreciated, however, that these could have 
a significant effect on the behaviour of the 
structure, especially if the roof slab is SUbjected 
to traffic or other live loads in addition to its 
self-weight. Where the retaining wall is well 
propped, the vertical loading might be a gov-
erning factor in the determination of the 
required depth of embedment. 
Input parameters 
Materials properties 
7. The soil was modelled using a finite 
element formulation of a behavioural regime 
proposed by Schofield (1980),4 shown in Fig. 2. 
This model incorporates the Cam clay yield 
surface on the wet side of the critical state, and 
the Hvorslev surface and a no-tension cut-off on 
the dry side. The values of the soil parameters 
used are given in Table 1: these are representa-
tive of a stiff, overconsolidated boulder clay 
(Powrie and Li, 1991).1 The slope of the line 
joining critical states in q :p' space was taken as 
M = 1-03. This was based on a critical state 
angle of shearing resistance ¢~rit = 26° mea-
sured in drained triaxial compression and 
might lead to an unrealistically high value of ¢' 
in plane strain. However, the present analyses 
are, in the main, substantially insensitive to the 
value chosen for M because the soil is generally 
remote from the critical state. The geological 
stress history of the clay was assumed to com-
Symbol 
and value 
Slope of one-dimensional compression line in v-In pi space 
Slope of unload/reload line in v-in pi space 
A. = 0·155 
K = 0 016 
Specific volume (and void ratio) on critical state line at pi = 1 kPa 
in v = in pi space 
Slope of critical state line in q :p' space 
Poisson's ratio 
Unit weight of water 
Bulk unit weight of soil 
Permeability in vertical direction 
Permeability in horizontal direction 
Slope of Hvorslev surface in q :p' space 
Slope of no-tension cut-off in q :p' space 
Permeability in vertical direction for tensile fracture region 
Permeability in horizontal direction for tensile fracture region 
r = 2·41 (eo = 1-41) 
M = 1·03 
Vi = 0-2 
y.., = 9-81 kN/m 3 
y = 22-0 kN/m 3 
ky = 10- 10 m/s 
kb = 10- 10 mls 
H = 0·59 
5 = 2-0 
k. = 10-6 mls 
ky = 10- 6 m/s 
prise one-dimensional compression, followed 
by the removal of an effective overburden of 
2500 kPa to the current effective stress state. 
Lateral effective stresses were calculated 
assuming Ko = a~ a~ = (1 - sin q,')OCRsin </)' 
(Mayne and Kulhawy, 1982).5 The water-table 
was set at 1 m below original ground level. 
8. The wall and carriageway slab were mod-
elled using impermeable elastic elements 
having a Young's modulus E = 17 X 10 3 MPa, 
poisson's ratio \' = 0·15 and unit weight 
22 kNm 3. This value of Young's modulus is on 
the low side, but takes account of possible long-
term cracking. The temporary struts were mod-
elled using bar elements with a stiffness in 
axial compression P/J = EA/L = 2·56 x 105 
kN/m per m, where <5 is the end displacement in 
response to an axial load P, and E is the 
Young's modulus, A the cross-sectional area 
and L the length of the bar element. This is 
equivalent to 600 mm dia. x 12·5 mm thick cir· 
cular hollow section steel props placed at 2 m 
centres, spanning the entire width of the exca-
vation. The interface between the wall and soil 
was modelled using slip elements having an 
elastic shear modulus G = 7·5 MPa (E' = 
20 }lPa and v' = 0<2) until a shear stress of a' 
tan 26" was reached, when the shear modulus 
was reduced by a factor of 100. 
Finite element mesh and boundary conditions 
9. The finite element mesh and the displace-
ment boundary conditions are shown in Fig. 3. 
The idealized geometry (see Fig. 1) is symmetri-
cal about the centre line, so the mesh represents 
one-half of the cross-section through the tunneL 
The lower horizontal boundary to the mesh was 
set at the interface between the boulder clay 
and the underlying bedrock_ The far vertical 
boundary is sufficiently remote from the wall 
for changes in stress and strain to be negligible 
in practice. 
10. The soil, wall and carriageway slab 
were modelled using eight noded quadrilateral 
elements. The temporary prop and the per-
man,ent roof level prop were modelled using 
3-noded bar elements. 
Pre-excavation stress state 
11. The initial in-situ stresses were calcu-
lated from the estimated stress history of the 
deposit, as outlined above. Two analyses were 
carried out for each construction sequence. The 
effects of wall installation were represented by 
a reduction in the value of the earth pressure 
coefficient K from its in-situ value Ko to a 
value of 1·0 over the depth of the wall for the 
first analysis, and to 2·0 for the second. This 
representation of wall installation effects is not 
ideal, because it extends horizontally across the 
entire mesh. Nonetheless, it should provide 
upper and lower estimates of the lateral 
stresses after installation of the wall but prior 
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Critical state line 
No tension 
cut-off 
P'es 
Mean effective stress p' 
Q) 
+ 
I 
N=r+J..-x 
I 
I 
I 
I 
I Critical 
: state line 
I 
I 
I 
I 
I 
I 
I 
I 
P' = 1 kPa 
(a) 
Normal 
P'max 
Mean effective stress In p' 
(b) 
to excavation. Fig. 4 shows the initial in-situ 
lateral earth pressure coefficient profile, 
together with the Ki = 1·0 and Ki = 2·0 profiles 
used as the starting states in the analyses. For 
the second analysis, with the higher pre-
excavation lateral earth pressure coefficients 
behind the wall, the lateral stresses were 
assumed to remain unaffected by the install-
ation process where the initial in-situ value of 
K j was less than 2·0. 
12. In analyses of this type, a surcharge is 
sometimes applied to the soil behind the 
retaining wall, to account for the effects of 
nearby buildings and construction traffic etc. 
Such a surcharge was not applied in the 
analyses described in this Paper. 
Sequence and results of analysis 
13. The sequence of each analysis, starting 
with the wall already in place, was as follows. 
Yield surface 
Fig. 2. Soil model: 
(a) Cam clay yield 
surface, Hvorslev 
surface and 
no-tension surface 
(schematic); (b) Cam 
clay model in v-In p' 
space 
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Fig. 3. Finite element 
mesh (dimensions 
in m) 
Fig. 4. Initial in-situ 
lateral earth pressure 
coefficient profile 
-
--
-
-
- -
- -
--+ ---- -- - --
-
-.....,(1-
---
----- -
---
-
--f------ --- -- ----
--
---
----
--
---- f-- -- -- ---
-
-
--f---
---------~-
--f- -- --- --- --
~ --f------- ---~ 
--/ 
~ ............ ~ f-- 1/ 
"" 
.-----------
Vi \ 
II 
~ 
A. 
vIn)/ l 72·0 
1 
Sequence A -construction in open cut with one 
level of temporary props 
(a) Removal of elements over a period of 22 
days, simulating excavation to 5·5 m below 
OGL (Stage 1). 
(b) Addition of a bar element to limit the 
lateral movement of the wall, simulating 
the installation of the temporary prop at a 
depth of 5 m below OGL. 
(c) Removal of elements over a period of 28 
days, simulating excavation to 10·3 m 
below OGL (i.e. 0·75 m below final forma-
tion level). 
(d) Seven days' excess pore-water pressure dis-
sipation. 
(e) Addition of concrete elements, simulating 
the placement of a permanent reinforced 
concrete slab at formation level (Stage 2). 
(f) Addition of a bar element, at the top of the 
o 0·5 1·5 2 2·5 3 Or----,r----.-----T~---r----~--~ 
K, = 1 K, = 2 
10 
20 
30 
40 
~ 
v 
6 
v 
~ 
----, L A. l 
., 
wall, simulating the installation of the per-
manent prop at crest level. 
(g) Removal of the bar element at 5 m below 
ground level, simulating the removal of the 
temporary prop (Stage 3). 
(h) 120 years' excess pore-water pressure dis-
sipation, modelling the long-term behav-
iour of the wall (Stage 4). 
Sequence B-top down construction with one 
level of temporary props 
(a) Removal of elements over a period of nine 
days, simulating excavation to 2·2 m below 
OGL. 
(b) Addition of a bar element at the top of the 
wall, simulating the installation of the per-
manent crest level prop (Stage 0). 
(c) Removal of elements over a period of 18 
days, simulating excavation to 5·5 m below 
OGL (Stage 1). 
(d) Addition of a bar element to limit the 
lateral movement of the wall, simulating 
the installation of the temporary prop at a 
depth of 5 m below OGL. 
(e) Removal of elements over a period of 28 
days, simulating further excavation to a 
depth of 10·3 m below OGL (i.e. 0·75 m 
below final formation level). 
(f) Seven days' excess pore-water pressure dis-
sipation. 
(g) Addition of concrete elements, simulating 
the placement of a permanent reinforced 
concrete slab at formation level (Stage 2). 
(h) Removal of the bar element at 5 m below 
OGL, simulating the removal of the tempo-
rary prop (Stage 3). 
(i) 120 years' excess pore-water pressure dissi-
pation, modelling the long-term behaviour 
of the wall (Stage 4). 
Sequence C-top down construction with no 
temporary props 
(a) Removal of elements over a period of nine 
days, simulating excavation to 2·2 m below 
OGL. 
(b) Addition of a bar element at the top of the 
wall, simulating the installation of the per-
manent crest level prop (Stage 0). 
(c) Removal of elements over a period of 45 
days, simulating excavation to 10·3 m 
below OGL. 
(d) Seven days' excess pore-water pressure dis-
sipation. 
(e) Addition of concrete elements, simulating 
the placement of a permanent reinforced 
concrete slab at formation level (Stage 2). 
(j) 120 years' excess pore-water pressure dissi-
pation. modelling the long-term behaviour 
of the wall (Stage 4). 
14. Note that Stage O-the early placement 
of the top prop-applies only to construction 
sequences Band C. Similarly, Stage 1 (which is 
associated with the placement of temporary 
props at 5 m below OGL), and Stage 3 (which is 
associated with the removal of the temporary 
props) are omitted from sequence C. 
15. The results of the analyses are pre-
sented in Fig. 5 (deflections, Ki = 1), Fig. 6 
(bending moments, Ki = 1), Fig. 7 (deflections, 
Ki = 2) and Fig. 8 (bending moments, Ki = 2). 
16. For each analysis, profiles of wall 
deflection and wall bending moments are given 
at the stages indicated below. 
(a) Construction in open cut with one level of 
temporary props 
Stage 1: just before installation of the tem-
porary prop. 
Table 2. Key results from all analyses 
Result 
2 
Outward deflection at K j = 1 28·04 
crest of wall: mm K j =2 28·61 
Outward deflection at K j = 1 15·17 
toe of wall: mm K j =2 11·28 
Outward deflection at K j = 1 28·66 
temp. prop position: mm 26·68 K j =2 
Outward deflection at K j =l 27·77 
formation level: mm K j =2 23·66 
Approximate max. wall K j = 1 694 
bending moment: kNm per m K j =2 785 
Load in temporary prop: K j = 1 560 
kN/m (where applicable) K j =2 928 
Load in permanent prop K j =l 
(carriageway level): kN/m K j =2 
Load in permanent prop K j =l 
(crest level): kN/m Ki=2 
-
Stage 2: just after the placement of the car-
riageway slab. 
Stage 3: after the addition of the roof level 
prop and immediately after the removal of 
the temporary prop. 
Stage 4: 120 years after construction. 
(b) Top down construction with one level of 
temporary props 
Stage 0: just after installation of the roof 
level prop. 
Stage 1: just prior to the installation of the 
temporary prop. 
Stage 2: just after placement of the car-
riage slab. 
Stage 3: immediately after the removal of 
the temporary prop. 
Stage 4: 120 years after construction. 
(c) Top down construction with no temporary 
props 
Stage 0: just after installation of the roof 
level prop. 
Stage 2: just after placement of the car-
riageway slab. 
Stage 4: 120 years after construction. 
Table 2 provides a summary of the key results 
at certain of these stages, including maximum 
prop loads and wall deflections and bending 
moments. 
Discussion: Ki = 1 analyses 
Construction in open cut with one level of 
temporary props 
17. The deflected profiles shown in Fig. 5(a) 
for construction in open cut with one level of 
temporary props are consistent with rigid body 
rotation of the wall about the prop positions at 
Stages 
Sequence A Sequence B 
3 4 2 3 4 
28·59 28·29 14·33 14·61 14·67 
28·96 29·01 11·79 12·18 12·21 
14·93 13·14 17·19 15·31 13·05 
11·03 10·65 13·11 11·56 10·79 
32·59 33·27 19·92 24·81 25·44 
32·87 33·51 17·82 24·61 25·09 
28·39 28·81 24·49 24·93 25·36 
24·65 24·91 21·18 21·97 22·19 
980 1082 782 1176 1272 
1371 1482 1061 1721 1795 
858 
1011 
323 212 396 224 
526 571 572 549 
220 247 4·5 284 300 
352 395 7·8 470 492 
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Sequence C 
2 4 
14·67 14·68 
12·26 12·28 
15·03 14·39 
11·15 12·07 
30·06 30·44 
30·36 30·63 
32·06 32·37 
29·68 29·88 
1589 1638 
2157 2192 
0 -17·6 
0 183 
353 364 
548 571 
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(a) 
Fig. 5. Deflections, 
K j =l 
Fig. 6. Bending 
moments, K j = 1 
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(b) 
each stage, with bending deformation superim-
posed. It can be seen that the deflections due to 
compression of the temporary and formation 
level props are generally not insignificant. 
During excavation following the installation of 
the temporary prop, the wall rotated about the 
prop producing increased toe deflections and a 
reduced crest deflection (Stage 2). Placement of 
the carriageway slab and permanent prop at 
crest level, together with the removal of the 
temporary prop, produced an increase in 
bending deflection above formation level, with 
o 
5 
E 
10£ 0. 
al 
0 
• Stage 0 
15 A Stage 1 
• Stage 2 
• Stage 3 
.. Stage 4 
o o 
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E E 
10 £ 0. 10% al 
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0
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40 30 20 10 0
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Deflection: mm 
(c) 
the lower part of the .wall moving away from 
the excavation (Stage 3). In the long term, as 
the excess pore-water pressures dissipated 
(Stage 4), this trend continued but further 
movement was small (0·7 mm at 5 m below 
OGL, and 1·8 mm at the toe). 
18. Placement of the carriageway slab and 
permanent prop at crest level, together with the 
removal of the temporary prop, produced a 40% 
increase in the maximum bending moment 
(from 694 to 980 kNm/m: Fig. 6(a». The posi-
tion of the maximum bending moment moved 
o 
o 
5 
5 
E 
E 10 £ 0. 10£ al 
0 0. 
al 
0 
15 
• Stage 0 15 
• Stage 2 
A Stage 4 
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(a) 
up to the position of maximum deflection, at 
about 5 m below OGL. 
19. The maximum load in the temporary 
prop, 560 k)i/m, occurred just prior to its 
removal. The removal of the temporary prop 
resulted in an increase in the wall bending 
moments and deflections. In the long term, the 
load in the permanent prop slab at carriageway 
level decreased. This is, at first sight, sur-
prising but may be due to the hogging of the 
prop slab (which would tend to pull the ends 
• • 
-5 
(b) 
together) as a result of the restrained swelling 
of the soil below it. The effect might not be 
observed with a propping system which did not 
restrain swelling, for example discreet props at 
intervals, or a slab with a void beneath it. 
Top down construction with temporary props 
20. Figure 5(b) shows the deflected profiles 
for the top down construction method with one 
level of temporary props. These are again con-
sistent with rigid body rotation about the prop 
(c) 
Fig. 7. Deflections, 
K j =2 
Fig. 8. Bending 
moments, K j = 2 
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positions, with the effects of bending and prop 
compression superimposed. After excavation to 
a depth of 2·2 m, and just prior to the install-
ation of the permanent prop at crest level 
(Stage 0), the wall movements at the crest and 
the toe were 14·3 mm and 2·5 mm respectively. 
Installation of the top prop and further excava-
tion to a depth of 5·5 m (Stage 1) caused the 
wall to deflect further to a maximum of 17·4 mm 
at the current level of the excavated soil ' 
surface. The toe deflection increased to 7·4 mm 
at this stage. 
21. Excavation to 0·75 m below final 
formation level (i.e. a depth of 10·3 m below 
OGL) resulted in a maximum wall deflection of 
24·5 mm prior to placement of the carriageway 
slab. Generally, the maximum wall deflection at 
each stage of construction occurred close to the 
current level of the excavated surface. 
Although early installation of the permanent 
prop is clearly important in limiting the 
magnitude of the crest deflections, at the stage 
just prior to the installation of the carriage-
way prop slab the wall is supported sub-
stantially by the temporary prop. The temporary 
prop load at Stage 2 was 858 kN/m, while the 
load in the crest level permanent prop was only 
4·5 kN/m. This is consistent with the sense of 
incremental wall rotation between placement of 
the temporary prop and excavation to 10·3 m 
below OGL. 
22. The maximum bending moment at Stage 
2 (Fig. 6(b» was 782 kNm/m, which occurred at 
8·5 m below original ground level. The bending 
moment profile is consistent with the system of 
loading and support present at this stage. 
23. The removal of the temporary prop, 
seven days after the placement of the carriage-
way slab (Stage 3), caused further bending 
between the permanent supports, and the lower 
part of the wall rotated back into the soil on the 
retained side. The maximum deflection increas-
ed by 1·8 mm, and the toe deflection decreased 
by 1·9 mm to 15·3 mm. The point of maximum 
deflection moved up from 10·3 m below OGL 
to 8·5 m below OGL. The maximum bending 
moment increased by 500~ compared with 
Stage 2. The load in the carriageway level prop 
was 396 kN/m. and the load in the permanent 
prop at crest level increased to 284 kN/m. As 
long term conditions were approached, bending 
moments and wall deflections both increased 
slightly in the long term to maxima of 1272 
kNm/m and 27·0 mm respectively. The prop 
force in the carriageway level slab decreased to 
224 k~/m, while the prop force in the per-
manent prop at crest level increased slightly to 
300 kN/m. 
Top down construction with no temporary props 
24. Comparison of Fig. 5(c) with Fig. 5(b) 
shows clearly the effect of the temporary prop 
in limiting the deflection of the wall during 
excavation. The final maximum deflection of 
33·7 mm for top down construction without 
temporary props is actually slightly greater 
than the maximum deflection resulting from 
construction in open cut with one level of tem-
porary props. Perhaps more importantly, the 
bending moments reSUlting from top down con-
struction without temporary props (Fig. 6(c» 
are 50°10 higher than those associated with con-
struction in open cut with temporary props at 
one level (Fig. 6(a». 
25. For the top down construction sequence 
without temporary props, the long term deflec-
tions and bending moments are very close to 
those at the end of the construction phase (Figs 
5(c) and 6(c». 
26. The formation level prop will only begin 
to work in compression as the movement of the 
wall into the excavation is restrained. Compres-
sive loads might be reduced or negated by the 
tension induced as a result of the tendency of 
the prop slab to hog as it restrains the swelling 
of the clay below it. The removal of a tempo-
rary prop, some of whose load is then redistrib-
uted into the permanent props, is an efficient 
method of pre-loading the permanent prop at 
carriageway level, which might otherwise carry 
little load. This effect is clearly seen in the top 
down construction sequence without temporary 
props. The long term load in the permanent 
prop at crest level is 364 kN/m: the largest of 
the three construction sequences examined. For 
the carriageway level prop slab, a small tensile 
stress is indicated. This, together with the 
slight inward movement of the wall at forma-
tion level after placement of the formation level 
props. is consistent with the dominant effect of 
hogging due to the restraint of swelling of the 
underlying clay. Current research suggests that 
the slope of the Hvorslev surface, which con-
trols dilation and peak strengths, may also be a 
significant factor. 
Effect of increased pre-excavation 
lateral stresses 
27. The increase in the pre-excavation earth 
pressure coefficient (to K j = 2) leads to an 
increase in average effective stress pi and 
hence. for the soil model used in the analyses, 
to an increase in soil stiffness. Generally, the 
effect of this is to reduce the magnitude of the 
components of wall movement which are depen-
dent primarily on the soil stiffness (i.e. rigid 
body rotation and translation), while the 
enhanced lateral stresses increase the signifi-
cance of bending deformations. The net result 
is that the overall maximum displacement of 
the wall changes little in each case, but the 
bending moments and prop loads are increased 
quite significantly. Two points are of particular 
interest. 
(a) With the increased pre-excavation earth 
pressure coefficients, the magnitudes of the 
reverse bending moments which occur at 
later stages towards the bottom of the wall 
are increased in all three cases (Figs 6 
and 8). 
(b) Prop loads are increased significantly in 
every case. For the permanent props at car-
riageway level, the decrease in prop load 
between the end of construction and the 
long term which occurred with K j = 1 is 
reversed or markedly reduced. This implies 
that the effect of slab hogging due to the 
restraint of swelling of the underlying clay 
is much less significant relative to the ten-
dency of the walls to move in to the exca-
vation after construction. For the top down 
construction sequence with no temporary 
props, the analysis indicates a compressive 
load in the permanent prop slab at forma-
tion level of 183 kN/m in the long term, in 
contrast to the apparent tensile stress in 
the K j = 1 analysis. 
Conclusions 
28. The early installation of the permanent 
prop at crest level is very effective in limiting 
the movement of the crest of the wall. This is 
consistent with the observations made by Peck 
(1969).6 In general, the earlier in the construc-
tion sequence a prop is installed, the more load 
it is able to carry. This is because a prop will 
only be compressed by resisting movement of 
the wall into the excavation. A prop which is 
installed after the wall has already moved will 
be of limited use. The formation level prop slab 
must inevitably be installed late in the con-
struction process. However, it can be pre-loaded 
to some extent by the removal of temporary 
props, because at least part of the load taken by 
the temporary props is redistributed into the 
permanent prop slab. 
29. In comparison with construction in open 
cut, the use of top down construction with tem-
porary props at one level reduces the maximum 
wall displacement, but the component of wall 
deflection due to bending is increased. This is 
reflected in an increase in bending moments. 
The omission of the temporary prop from the 
top down construction sequence seems to make 
little difference to the ultimate deflection of the 
waH at the crest and the toe. However, bending 
moments and bending deflections are increased, 
with the result that the maximum wall deflec-
tion is larger than for ei ther of the other con-
struction sequences. In top down construction 
without temporary props, there is no pre-
loading of the formation level prop slab, and 
the compressive load in the crest level prop is 
substantially higher than in either of the alter-
native construction sequences. These factors 
are related to the increase in bending moments. 
Minimum bending moments occur with excava-
tion in open cut, with temporary props at one 
level. However, this is at the expense of 
increased rigid body movement of the wall 
because the crest is allowed to move forward 
during the early stages of excavation. 
30. A second effect of a permanent prop 
slab at formation level is that it restrains the 
swelling of the clay beneath it. This will result 
in a hogging deformation of the prop slab, 
which will tend to pull the ends together, 
perhaps resulting in tensile stresses. This may 
be the dominant effect in the prop slab, if it is 
not pre-loaded by the removal of temporary 
props, and if there is little tendency for the wall 
to move into the excavation in the long term. 
Apparently tensile stresses in the permanent 
prop slab were calculated for the top down con-
struction sequence without temporary props, 
with a pre-excavation earth pressure coefficient 
of unity. If the propping system does not 
restrain swelling, this effect will probably be 
much less significant. 
31. With the soil model used in the analyses 
described in this Paper, the effect of an 
increased pre-excavation lateral earth pressure 
coefficient was generally to increase bending 
moments and compressive prop loads. The 
apparent dependence of the prop loads and 
bending moments on the pre-excavation stress 
state K j is of potential practical significance. 
Wall movements were less significantly 
affected, due to the increase in soil stiffness 
which accompanied the increase in average 
effective stress p' at the start of the analysis. 
32. The analyses have shown that the 
sequence of excavation and propping in front of 
an in-situ retaining wall in clay may be chosen 
so as to minimize overall wall deflections (top 
down construction with temporary props) or 
bending moments (construction in open cut 
with one level of temporary props). It might be 
considered that the bending moments, prop 
loads and wall movements associated with any 
of the three construction methods are accept-
able. In this case, safety and cost would be the 
deciding factors in choosing which method to 
adopt, and top down construction without tem-
porary props might well be an attractive propo-
sition in practice. 
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Modelling diaphragm wall installation and excavation processes 
\v powrie, D.1. Richards & C. Kantartzi 
Queen JIary and Westfield College, University of London, UK 
ABSTRACT: Techniques and apparatus for centrifuge modelling of diaphragm wall installation 
processes and sequences of excavation and propping are described, and their success is discussed with 
reference to centrifuge test data. 
1 INTRODUCTION 
Designers of diaphragm-type retaining walls in 
clay soils are becoming increasingly aware of the 
effects of construction activities on the 
perfonnance of the structure. Ground movements 
during wall installation may be important in their 
own right, while the changes in lateral stress 
which occur during slurry trenching and 
concreting can have a significant effect on post-
excavation wall movements, bending moments 
and prop loads. For multi-propped walls or walls 
propped at fonnation level, ground movements 
are also influenced by the detailed sequence of 
excavation and propping in front of the wall, and 
whether or not temporary props are used. 
In order to investigate these issues, two series 
of centrifuge model tests have been carried out at 
Queen Mary and Westfield College. Techniques 
have been developed to simulate the excavation 
under bentonite slurry and subsequent concreting 
of a diaphragm wall panel in clay; and the 
installation and/or removal of props at vatious 
levels during excavation in front of an in situ 
wall which is already in place. In this paper, the 
centrifuge modelling procedures are described 
and discussed, with reference to typical data 
from each series of model tests. 
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2. DIAPHRAGM WALL INSTALLATION 
2.1 Model preparation and geometIy 
The centrifuge model for the diaphragm wall 
tests (Figure 1) was fOlmed from a block of 
speswhite kaolin clay, of plan dimensions 
200mm x 550mm and depth 285mm, contained 
within an aluminium strongbox with a perspex 
viewing window in the front face. 
The sample was prepared by one-dimensional 
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Figure 1. Centrifuge model for diaphragm wall 
tests. 
compression from a sluny of water content 
100% to a vertical effective stress of 1250kPa. 
The sample was then allowed to swell back to a 
vertical effective stress of 250kPa before being 
trimnled to the required depth of 285mm. The 
unit weight of the clay at this stage was 
approximaiely 17.5kN/m3 (unit weights are 
quoted at nonnal gravity). A 185nun-deep slot, 
simulating the excavation for the diaphragm 
wall, was cut at the right-hand edge of the clay 
sample, and the clay removed was replaced by a 
rubber bag filled to a level of approximately 
90mm above the soil sUlface with sodium 
chloride solution of unit weight 11.4kN/m3. A 
rigid spacer below the slot was used to reduce 
the effective half-width of the trench to 5nun at 
model scale. At a scale of I: 100, the slot 
represented one half of a I m-wide diaphragm 
wall trench, 18.5m deep. The model was 
instrumented ,,,ith Druck miniature pore water 
pressure transducers, and displacement 
transducers (lvdts) to monitor the movement of 
the soil surface. Black plastic marker beads were 
embedded into the visible face of the model so , 
that soil movement patterns could be deduced 
from a videotape recording of the model made 
during the centrifuge test. 
The stress history of the clay sample was 
intended to simulate that of an overconsolidated 
clay deposit in the field. The sample was 
removed from the consolidation press at a 
vertical effective stress (250kPa) greater than 
that at the base of the sample under equilibrium 
conditions in the centrifuge at 100g, so that the 
strain path experienced by the entire sample 
immediately prior to the simulation of excavation 
would have been one-dimensional vertical 
swel1ing. The sample was allowed to swell in the 
centrifuge at 100g for a period of 2-3 hours, until 
steady hydrostatic pore water pressures had been 
established and the rate of settlement of the soil 
surface was negligible. Water was supplied to 
both the soil surface and a sand drain at the base 
of the sample. The lateral stresses imposed on 
the soil adjacent to the trench at the end of the 
initial period of swelling are similar to those 
typically observed in overconsolidated clay 
deposits in the field. 
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Figure 2. Changes in pore water pressure during 
excavation under bentonite and concreteing. 
2.2 Simulation of sluny trench excavation and 
concreting 
When equilibrium conditions in the clay 
sample had been established, the reduction in 
horizontal total stress which occurs during 
excavation of a diaphragm wall trench under 
bentonite sluny was simulated by draining the 
sodium chloride solution down to the level of the 
soil surface through a valve-controlled overflow 
pipe. The fluid remaining in the lubber bag was 
then diluted with fresh water to a unit weight of 
10.6 to 1 0.8kN/m3, which is typical of bentonite 
supp011 slurries used in practice. A shutter at the 
base of a hopper mounted above the trench was 
then opened using a pneumatic piston, allowing a 
mixture of iron powder, plaster of Paris, cement 
and fine sand to fall into the rubber bag. The 
mixture was designed to have a unit weight when 
deposited under water of approximately 
24kN/m3, and to set in about 10 minutes, 
modelling the concreting phase of diaphragm 
wall installation. Pore water pressures and soil 
movements were monitored during excavation 
and concreting, and for a period of 
approximately 30 minutes thereafter. 
2.3 Typical results 
Typical results are shown in Figure 2 (changes 
in pore water pressure during excavation under 
bentonite sluny and concreting) and Figure 3 
(settlement profil.es). 
During excavatlon, the pore water pressures 
closest to the trench fall as a result of the 
reduction in lateral stress, and the soil surface 
settles considerably. During concreting, the pore 
water pressures tend to return towards their 
initial values, and a small recovery of the soil 
surface is apparent. These results are comparable 
with field observations (Symons & Carder, 1992) 
and indicate that appropriate changes in lateral 
stress are being transmitted to the soil. 
2.4 Discussion 
The verisimilitude of the model depends 
largely on the suitability of the stresses and 
drainage boundary conditions imposed at the 
interface between the soil and the trench at 
various stages. Generally, the extent to which 
moisture transfer from the trench to the soil 
occurs during the installation of a diaphragm 
wall panel is very limited, and the soil further 
than 50mm (at field scale) or so from the trench 
remains unaffected. It was therefore considered 
appropriate to model the interface between the 
soil and the trench as effectively impelmeable. 
The shear strength of a 4% bentonite 
suspension in water (which is typically used as a 
slurry support in practice) is very low, and there 
seems little doubt that the lateral stresses exerted 
on the soil during the sluny trench phase of 
diaphragm wall construction correspond to the 
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fluid pressure of the bentonite suspension. The 
lateral stresses exerted during concreting, 
however, are rather less certain, and may be 
smaller than the fluid pressure of wet concrete 
due to the strength of the mix, or because the 
concrete at the base of the panel begins to set 
before the pour is completed (Clayton & 
Milititsky, 1983). In the centrifuge, concreting 
was simulated using a particulate material rather 
than a fluid. The lateral stress distribution 
imposed on the soil adjacent to the trench in the 
model at this stage would therefore be expected 
to be similar to that imposed in the field, except 
perhaps for a transient effect because the 
simulated concrete was placed initially as a 
hydraulic fill rather than using a tremie pipe. 
The time taken to lower the level of the salt 
solution in the rubber bag and dilute it with fresh 
water was between 50 and 60 seconds, which 
corresponds to between 6 and 7 days at full 
scale. The simulated concrete took 
approximately 7 -10 minutes to set, 
corresponding to 50-70 days at field scale. These 
times are rather longer than would be usual in 
reality: 1 day for the excavation of the trench 
under bentonite (ie 10 seconds at model scale), 
and 30 days or so for the concrete to set (ie 5 
minutes at model scale), are probably more 
typical. This means that the degree of excess 
pore water pressure dissipation which occurred 
during excavation and concreting in the model is 
greater than that which would occur in the field. 
The more significant discrepancy is in the time 
taken to excavate the trench. In a problem such 
as this, settlements due to shear as the clay 
softens are usually more significant than 
swelling as negative excess pore pressures 
dissipate. Ground movements will therefore tend 
to be larger than if the simulated excavation of 
the trench had been carried out more quickly. 
Centrifuge model tests using the apparatus 
shown in Figure 1 have been carried out with 
different initial groundwater levels, different 
diaphragm wall panel widths (~o inves.ti~~te 
three-dimensional effects), and dIfferent tnlnal 
earth pressure profiles. The initial earth pres~ure 
profile is altered by changing the excess hetght 
and the density of the fluid in the rubber bag: 
this is discussed more fully in Section 3.4. 
Figure 4. Cross section through model 
FUl1her tests are currently in progress. in which 
la~eI.·al total stresses are measured using Kyowa 
mInIature pressure cells. 
3. EFFECTS OF PROPPING SEQUE:..rCE 
3.1 ~10del preparation and geometIy 
The centIifuge models used to investigate the 
~ffects of propping sequences dUIing excavation 
In front of an in situ wall were made from blocks 
of speswhite kaolin of dimensions 200mrn x 
550mm on plan x 300mrn deep. The clay was 
consolidated to a maximum vertical effective 
stress of 1250kPa and allowed to swell back to a 
vertical effective stress of 80kPa. This was so 
that during reconsolidation in the centrifuge, the 
soil would generally move downward relative to 
the wall, preventing the possible premature 
mobilization of passive side soil/waIl friction on 
excavation in front of the wall which might 
Occur if the most recent relative movement had 
been in the opposite sense. On removal from the 
consolidation press, a slot was cut in the clay 
into which the model wall was inset1ed. The 
excavation in front of the wall was also made at 
this stage, the soil removed being replaced by 
two interconnected rubber bags fil1ed with zinc 
chloride solution mixed to the same unit weight 
as the kaolin sample (17.5kN/m3). Props were 
instal1ed in front of the wall, both at the level of 
the retained soil surface and just above dredge 
level. A cross sectional view of the model is 
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shown in Figure 4, in which the rubber bags are 
cut away to reveal the stainless steel displacers 
used. to reduce the volume of zinc chloride 
solutIon required. 
Each prop. was supported in linear bearings at 
two 10c~tlOns,. and passed through a Bosch 
pneumatIc lo~kmg device on the outside of the 
strongbo~ (FIgure 6). DUling reconsolidation in 
the centrJfuge, the Jocking devices were held in 
th.e open position, so that the props were free to 
slIde ~nd would not support the wall. Water was 
supphed to the retained soil surface the 
. . , 
excavatIon caVIty and a sand drain at the base of 
the .sample, all at the piezometric level of the 
retaIned soil surface. 
The model was instrumented with lvdt's 
Druck miniature pore water pressure transducer~ 
and black plastic marker beads. The model 
retaining walI was strain gauged to measure 
bending moments at six places along its depth, 
and two load cells were incorporated into each 
prop. 
The geometIy of the 1: 100 scale model is 
based on a full-size retained height of 10m (after 
constIuction of the carriageway slab). The 
strong-box end plate represents the plane of 
symmetIy between two diaphragm walls on 
either side of a road cutting. The half width of 
the carriageway is 21.5m at field scale, which 
perhaps represents a practical upper limit. 
3.2 Simulation of excavation and propping 
At the end of the reconsolidation phase, the 
water supplies to the excavation and to the sand 
drain at the base of the sample were switched 
off, and the locking device on the top prop was 
activated to hold the prop in pOSItIon, 
representing the instalIation of a structural roof 
slab. The water level in front of the wall was 
then lowered to the excavated soil surface, and 
the zinc chloride solution was drained 
simultaneously from the rubber bags into catch 
tanks located outside the strongbox, to simulate 
excavation in front of the wall. Once the zinc 
chloride solution had drained away (as indicated 
b\' a pressure transducer in one of the rubber 
b~gs). the bottom prop was locked in place, 
representing the installation of a carriageway 
prop and the construction sequence was 
complete. 
The rate of excavation was controlled by a pre-
set needle valve connected in line between the 
outlet from the rubber bags and the solenoid-
operated drain valve. After excavation, the test 
was continued for a number of hours, to observe 
changes in prop loads, wall bending moments, 
pore water pressures and soil movements as 
long-tenn equilibrium conditions were 
approached. 
3.3 Typical results 
Figure 5 shows the development of prop loads 
during and after excavation in front of the wall. 
These results demonstrate that the prop bearings 
and locking devices function as required, 
preventing the development of prop loads until 
after each prop wou1d have been insta11ed in a 
field situation. The magnitudes of the prop loads 
are broadly comparable with those from finite 
element analyses of a similar constIuction 
sequence and excavation geomeny (Powrie & Li, 
1991 ). 
3A Discussion 
Perhaps the main cntIclsm of this modelling 
technique is that it was necessary to install the 
:vall prior to reconsolidation of the clay sample 
In the centrifuge. This means that the changes in 
stress and pore pressure which would in reality 
result from wall installation must be either 
Ignored or simulated. 
There is a growing body of data which 
suggests that after the excavation under bentonite 
and concreting of a diaphragm wall panel, the 
pore water pressures return approximately to 
their initial values (Figure 2 of this paper and 
Symons & Carder, 1992). The changes in lateral 
effective stress during wall installation are rather -
less certain, and it would perhaps in any case be 
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unwise to generalize too broadly. In the present 
tests, it has been assumed that the post-
installation lateral stresses can reasonably be 
represented by an earth pressure coefficient of 
unity. This is not a necessary assumption, 
however, and some tests have been carried out to 
simulate the high pre-excavation earth pressure 
coefficients which may still be present following 
the installation of, for example, a wall formed 
from cased bored piles. The increased pre-
excavation lateral stresses were achieved by 
extending the rubber bags to 115mm above the 
top of the retained soil surface. By filling the 
rubber bags to some level above the retained soil 
surface, the horizontal stresses imposed on the 
wall during reconsolidation will be increased. 
The density of the fluid must be reduced to give 
K = 1 at the bottom of the rubber bag, so that the 
vertical stresses inside and outside the bag are 
equal. The criticism remains that any reduction 
in lateral stress supposedly due to wall 
installation is imposed across the entire model, 
whereas in reality it would be confined to the 
zone of soil near the wall. This will not militate 
against the validity of the results, however, 
because the behaviour of the wall is influenced 
plimarily by the soil closest to it. 
The time taken to drain the bags varied for 
each test despite the needle control valve having 
been calibrated under a 10m head of zinc 
chloride solution to give an intended excavation 
time corresponding to 30 days at field scale. The 
longest time taken for excavation corresponded 
to 41 days at field scale, and the shortest time to 
2.5 days, which was due to the drainage pipe 
fracturing when the control valve was switched 
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Figure 6. Cross section through multi-propped retaining wall centrifuge model. 
on. In situations such as this, where the 
sequence of operations on site involves a delay 
bet\veen the stmt of excavation and the provision 
of support, ground movements may be 
influenced to some extent by the timescale of 
events. The fact that the centrifuge tests were 
carried out "'ith the retained soil surface flooded 
(ie acting as a drainage boundary) will tend to 
result in a higher sensitivity to variations in 
excavation time in the centrifuge model than in 
reality, . 
'" 
4. CONCLUSIONS 
Techniques have been developed to simulate 
the excavation under slurry and concreting of a 
diaphragm wall trench, and the installation of 
props in a realistic construction sequence during 
excavation in front of a wall which is already in 
place. The well-known method of simulating 
excavation during a centrifuge test by draining a 
fluid from a rubber bag has been used 
extensively in the model tests discussed in this 
paper. By choosing appropriate fluid densities 
and excess fluid levels above the soil surface, a 
variety of pre-excavation lateral stress profiles 
has been simulated. Experimental results from 
tests indicate that the techniques are satisfactory. 
However, the control of the timing of 
construction events can be difficult. Differences 
in timing can lead to variations in the ground 
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movements which occur while the excavation is 
only partly supported, particularly when there is 
a close drainage boundary in the model. This is 
a factor which must be taken into consideration 
in the interpretation of centrifuge test results and 
their comparison with field data. 
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